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Abstract 
An experimental programme was carried out to investigate the flexural strength and ductil-
ity.of reinforced concrete columns under simulated earthquake loading. The main variable 
examined was the quantity of transverse reinforcement for concrete confinement. The ex-
perimental results were described and compared with theoretical studies. It was found that 
to achieve adequate ductility in columns, the current New Zealand concrete design code 
NZS3101:1982 equations for concrete confinement need to be refined. Using design charts 
for ductility, which were previously derived from a theory for cyclic moment-curvature be-
haviour, a refined design equation to replace the current code equations is proposed. 
The inelastic dynamic response of frames of limited ductility was examined, and compared 
with the response of ductile frames. The analysis indicated that non-capacity designed 
frames, designed for seismic forces corresponding to a limited ductility demand, performed 
reasonably well. Although some plastic hinges did develop in the columns, the ductility 
demand was acceptable and can be achieved by appropriate detailing. As a result, some 
suggestions for the seismic design requirements of frames ~f limited ductility are presented. 
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Chapter 1 
I TRODUCTION 
The performance of structures under seismic excitations has been investigated widely in New 
Zealand and overseas. The basic criteria that have to be satisfied in designing an earthquake 
resistant structure are: to provide adequate stiffness and strength to ensure that structural 
damage can be prevented under moderate earthquakes, and to provide sufficient stiffness 
and adequate ductility to dissipate energy during major earthquakes so that collapse does 
not occur. 
Adequate ductility in a reinforced concrete structure can be achieved by means of providing 
appropriate longitudinal reinforcement and sufficient transverse reinforcement in potential 
plastic hinge regions of structural members where the energy dissipation is expected to take 
place. 
One role of transverse reinforcement in potential plastic hinge regions of columns is to 
provide confinement to compressed concrete in the core of the section. 
Seismic codes of various countries have formulated recommendations for confining reinforce-
ment, in terms of design equations for the quantities, and limitation of the spacings of 
confining reinforcement, length of confined regions etc. to ensure that the required ductility 
demand can be achieved. The development of code provisions together with previous studies 
regarding the role of confining reinforcement in columns is summarized in Chapter 2. 
Some structures, however, due to the configuration of structural components or functional 
requirements, may possess strengths which are greater than needed for full ductility. The 
seismic performance of this type of structure, which need only limited ductility, is of in-
terest to structural engineers in New Zealand. This was shown by the establishment of a 
study group by the Management Committee of the New Zealand National Society for Earth-
quake Engineering (NZNSEE) in late 1985 to examine the behaviour of structures of limited 
ductility [1]. 
The main object of the NZNSEE study group of structures of limited ductility was to compile 
information to enable the engineers to: 
• Economically design structures which fall between full ductility and elastic, that is, 
structures with strengths greater than required by code seismic loading for fully ductile 
behaviour, or less important structures which do not warrant detailing for full ductility. 
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• Evaluate existing structures that do not possess the ductility detailing required by 
modern codes nor possess adequate strength to respond elastically to design earthquake 
loads. 
For this type of structure, less ductility demand can be expected and therefore the required 
quantities of confining reinforcement can be reduced. 
One of the aims of the present study is to investigate the behaviour of columns under 
simulated earthquake loading, containing various quantities of confining reinforcement, par-
ticularly columns with less confining reinforcement than that recommended by the New 
Zealand code [2]. The test results of this type of column are described and compared with 
recent theoretical studies [3,4] in Chapter 3. 
The theoretical studies, confirmed by experimental results [5], indicate that the New Zealand 
code [2] design equations for concrete confinement need to be refined to achieve satisfactory 
performance of columns under seismic disturbances. Chapter 4 describes the theoretical 
predictions of flexural ductility of columns. A refined design equation for the quantities of 
confining reinforcement to replace the existing code equations is proposed. 
To ensure that the energy dissipation occurs in the chosen structural members as expected, 
a capacity design approach has been developed in New Zealand [6]. In this approach, the 
chosen energy-dissipating members are suitably designed and detailed, and sufficient reserve 
strengths are given to the other members. Since a large ductility demand can be more easily 
achieved in beams than in columns, a strong column-weak beam concept was adopted. This 
means that columns must be stronger than beams to ensure that beam sidesway mecha-
nisms will develop. In structures of limited ductility, column sidesway mechanisms may be 
acceptable, provided that the required ductility is not so great and the other brittle failure 
can be prevented. In such structures, the capacity design procedure becomes less important 
and a simplified design procedure can be applied. Chapter 5 compares the inelastic dynamic 
response of capacity designed ductile frames and non-capacity designed frames of limited 
ductility. A step-by-step design procedure for frames of limited ductility is outlined. 
The existing code seismic requirements for ductile frames and frames of limited ductility 
are compared in Chapter 6. Some provisions to extend the existing seismic requirements of 
frames of limited ductility, as in Section 14 of the New Zealand code [2], are also proposed. 
The major conclusions from the study undertaken, and some suggestions for future research 
are given in Qhapter 7. 
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Chapter 2 
SUMMARY OF P EVIOUS 
STUDIES AND CODE 
PROVISIONS FOR CO FINING 
REINFORCEMENT IN THE 
POTENTIAL PLASTIC HINGE 
REGIONS OF COLUMNS 
2.1 Introduction 
This chapter reviews briefly the experimental studies of columns with solid sections subjected 
to simulated earthquake loading, undertaken at the University of Canterbury over the past 
ten years. The results of these studies, together with the other studies as summarized by 
Priestley and Park [13,14], have greatly improved the understanding of the behaviour of 
columns under seismic attacks, and led to an improvement in the seismic design provisions 
used in New Zealand. 
The New Zealand code provisions [2], with regard to the requirements of confining reinforce-
ment in the potential plastic hinge regions of columns, are also discussed and compared with 
the overseas provisions in this chapter. 
2.2 Previous Experimental Investigations of Strength 
and Ductility of Columns at the University of Can-
terbury 
Since 1978, after the installation of a 10 MN DARTEC electro-hydraulic testing machine, 
much of the structural concrete research in the Department of Civil Engineering at the 
University of Canterbury has been directed towards the assessment of the strength and 
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ductility of reinforced concrete columns, bridge piers and piles, containing different quantities 
and configurations of longitudinal and transverse reinforcement, under simulated earthquake 
loading. 
The experimental research of the behaviour of columns with solid sections, was initiated by 
Gill et al. [7] and Potangaroa et al. [8], who investigated the behaviour of squat columns 
with square and octagonal sections. Further tests of more slender columns were carried out 
by Ang et al. [9] and Zahn et al. [4]. 
The confining reinforcement in the columns tested, in the form of spirals or rectangular 
hoops, was generally designed to the requirements of versions of the New Zealand code 
[10,11,2]. The other variables investigated were the type of section, the level of axial com-
pression, the aspect ratio L / D or L / h of columns, and the use of different grades of transverse 
reinforcement. 
More recent experimental work was carried out by Soesianawati et al. [5] on the behaviour 
of square columns with low axial compression containing less quantities of confining rein-
forcement than recommended by the New Zealand code [2]. The test results indicated the 
necessity of further investigation into the behaviour of columns, with large axial compres-
sion. Tests of this type of column were then conducted. For convenience, the results of both 
studies are described together in Chapter 3. 
Gill et al. [7] 
Four column units with 550 mm square cross section, and with an aspect ratio of L/h = 2.2, 
were designed to the first draft DZ3101:1978 [10] requirements for confining reinforcement. 
The aim of the tests was to investigate the possible improvement of these provisions. 
Potangaroa et al. [8] 
In this project, a total of five octagonal columns of 600 mm cross section were tested. The aim 
of the tests was similar to that of the investigation by Gill et al. [7]. Four units were designed 
in accordance with the DZ3101 [10] recommended quantities of confining reinforcement. The 
fifth column was designed using the Ministry of Works and Development requirements CDP 
810/ A [12], for an axial load level of Pc = 0.35f~Ag. Due to the over conservatism of CDP 
810/A, this unit was re-tested with an axial compression of Pc = 0.7f~Ag. For this level 
of axial load, the transverse reinforcement for this unit satisfied the DZ3101 recommended 
quantity. These squat columns have an aspect ratio of L/ D = 2.0. 
Ang et al. [9] 
A further investigation was carried out to examine the ductility of columns with higher 
aspect ratio, designed as recommended by the revised draft DZ3101 [11]. Four column 
units, two with octagonal sections and two with square sections, were tested. The lateral 
dimension and the length of the units were 400 mm and 1600 mm, respectively, giving an 
aspect ratio of 4. 
Zahn et al. [4] 
Two square columns and two octagonal columns with the same dimensions as the specimens 
tested by Ang et al. [9], were designed using the NZS3101:1982 [2] requirements for confining 
reinforcement. The main objective was to investigate the behaviour of columns with high 
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strength transverse steel. It is known that the yield force of the confining reinforcement 
bar is the main parameter in determining the efficiency of confinement. The test, therefore 
examined the possibility of the replacement of larger quantities of Grade 275 steel with 
smaller quantities of Grade 380 steel. 
Table 2.1 compares the properties of the column units tested [7,8,9,4]' with the current New 
Zealand code requirements [2]. It is evident that the quantities of confining reinforcement 
ranged from 0.83 to 2.0 times the code recommended quantity. A comparison with the 
quantities required by the design charts derived by Zahn et al. [4] to achieve an available 
<Pu/<py = 20, is also made in Table 2.1. 
It is obvious, that the quantities provided were generally sufficient, to provide that level of 
ductility, except for three columns, namely Ang et al. Oct. 2, and Potangaroa et al. Unit 
3, and Zahn et al. Oct.6, which contained ~ 80% of the design charts requirements. For 
some columns with low axial compression, such as those of Ang et al. Oct.1 and Zahn et al. 
Oct.5, the charts did not indicate the necessity for confining reinforcement. 
In general, the other code requirements for concrete confinement, and for preventing pre-
mature buckling of longitudinal bars, were also satisfied. 
The test results for the above columns are summarized in Table 2.2. A comparison with the 
theoretical predictions using the analytical procedures of Mander et al. [3] is also made. It 
can be seen that the theory predicts the experimental results reasonably well. The available 
curvature ductility in some columns was under-estimated by the theory, because of the larger 
confinement available in the units due to the central stub, which was not taken into account 
in the analysis. This resulted in more ductile behaviour, and therefore larger available 
curvature ductility. The moment enhancement above the code flexural strength predicted 
by an empirical equation [14] (see Chapter 3 for details) agreed well with the experimental 
values. Due to lack of information, some items are not listed in Table 2.2. 
2.3 Code Provisions for Seismic Design of Confining 
Reinforcement in the Potential Plastic Hinge Re-
gions of Columns 
2.3.1 . General 
There are differences between code provisions in New Zealand and overseas for the amount 
and distribution of confining reinforcement in columns necessary to ensure adequate ductility. 
However, the basic idea of using transverse reinforcement to confine compressed concrete 
is generally similar. 
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Table 2.1: Properties of Column Units Tested by Previous Researchers at University of 
Canterbury 
Transverse Reinforcement for 
Researcher Unit ~ /~ dia.-sh /yh Confinement An ti buckling r/>J~Ag 
(MPa) (mm) (MPa) 1 2 3 4 5 
Gill et al. [7] 1 0.26 23.1 R10-80 297 0.95 3.04 0.15 3.3 1.56 
2 0.214 41.4 R12-75 316 0.92 3.08 0.14 3.1 2.38 
3 0.42 21.4 R10-75 297 1.03 1.62 0.14 3.1 2.21 
4 0.60 23.4 R12-62 294 1.32 1.30 0.11 2.6 3.14 
Potangaroa 1 0.237 28.4 R10-75 300 0.83 1.88 0.13 3.1 -
et al. [8] 3 0.543 26.6 R10-50 300 0.89 0.77 0.08 2.1 -
4 0.387 32.9 HD10-70 423 0.87 0.97 0.12 2.9 -
5 0.35 32.5 R16-55 280 2.00 2.75 0.09 2.3 -
5b(6) 0.70 32.5 R16-55 280 1.36 0.95 0.09 2.3 -
Ang et ill. [9] Oct.1 0.20 26.0 R6-40 308 1.00 - 0.1 2.5 -
Oct.2 0.56 28.5 R10-55 280 1.04 0.85 0.14 3.4 -
Sq.3 0.38 23.6 R12-100 320 1.47 1.41 0.25 6.3 6.7 
Sq.4 0.21 25.0 R10-90 280 1.22 4.95 0.23 5.6 4.1 
Zahn et al. [4] Oct.5 0.13 32.1 HD10-135 466 1.11 - 0.34 8.4 -
Oct.6 0.67 23.5 HD10-75 466 1.35 0.80 0.19 4.7 -
Sq.7 0.23 28.0 HD10-117 466 1.26 4.0 0.29 7.3 6.6 
Sq.8 0.42 37.2 HD10-92 466 0.93 1.12 0.23 5.8 6.6 
Notes: 
1. ratio of actual Ash to Ash required by New Zealand code [2] 
2. ratio of actual Ash to ASh required by design charts [4] for curvature ductility factor 
tpul tpy = 20 
3. ratio of Sh to b (New Zealand code [2] requires shlb ::; 0.2) 
4. ratio of Sh to db (New Zealand code [2] requires shl db ::; 6) 
5. ratio of available tie force to New Zealand code [2] requirement of 116 longitudinal bar 
force at 100 mm centres, applicable only for square sections 
6. Unit 5 was re-tested with high axial compression 
7. f~ was measured at time of testing of column units 
8. The strength reduction factor <p was assumed to be 1.0 
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Table 2.2: Comparison of Experimental Results and Theoretical Predictions for Column 
Units Tested by Previous Researchers at University of Canterbury 
Resea.rcher Uml <pv(rad m A tI ( mm MACI.(kNm) Mmax M It7T fPmax rad/m tpma:r <Pv 
1 2 1 2 3 1 25 4 1 2 1 2 
Gill el .. 1. (7) 1 0.007 0.0085 5.7 5.0 691 1.25 1.04 1.19 0.B70 0.120 21.0 14.1 
2 0.007 0.0083 •. 2 •. 5 905 1.12 1.03 1.16 0.140 0.0913 20.0 11.0 
3 0.007 0.0072 3.6 3.6 646 1.30 1.20 1.37 0.0980 0.0893 14.0 9.4 
• 0.006 0.005 2.5 2.4 598 1.52 1.42 1.72 0.0960 0.0720 16.0 8.5 
Po'anga.roa. 1 · 0.0061 5.2 5.6 723 1.23 1.10 1.17 0.13U 25.4 21.7 
el a!. [8) 3 
· 
O.OOH 3.5 2.8 672 1.44 1.36 1.59 
· 
0.0352 8.5 8.0 
4 0.0052 4.0 3.9 803 1.30 1.20 1.32 
· 
0.0887 16.3 17.0 
5 
· 
0.0061 3.5 3.1 807 1.34 1.21 1.28 
· 
0.0878 16.1 14'{ 
5b(6) 0.0034 3.5 1.8 564 2.26 1.90 1.98 
· 
0.0507 14.9 
Ang el aI. (9) Ocl.l 0.008~(7) 0.0093 7.5 9.6 216 1.23 1.04 1.15 0.2112 0.1776 24.~(8) 19.1 
Ocl.2 0.0076 0.0064 6.5 5.3 215 1.44 1.32 1.63 0.0380 0.1286 50.0 15.8 
Sq.3 0.0077 0.0102 6.6 7.1 269 1.24 1.16 1.31 0.1463 0.1540 19.0 15.1 
Sq.4 0.0109 0.0113 9.3 8.8 258 1.17 1.05 1.16 0.2398 0.1413 22.0 12.5 
Zahn el al. (4) Ocl.5 0.0094 0.0092 11.4 10.3 219 1.09 1.04 1.13 0.1555 
· 
16.9 
Ocl.6 0.0083 0.0053 9.8 4.5 180 1.51 1.52 1.89 
· 
0.1002 
· 
18.9 
Sq.7 0.0105 0.0118 11.8 9.0 291 1.19 1.07 1.17 
· 
0.1758 
· 
14.9 
~q.8 0.0086 0.0087 9.5 6.4 358 1.15 1.24 1.37 0.1296 
· 
14.9 
Notes: 
1. <py) fly) Mmax and <pmax from experiment 
2. <py) fly) Mmax and <pmax from cyclic moment-curvature theory 
3. From code theoretical approach [2] using measured j~ and jy, and assuming <p=1.0 
4. From empirical equation [14] 
5. Maximum moment from experiment measured at the first cycle of J1, = 2 
6. Re-tested with Pe = O. 7 j~Ag 
7. <py was calculated theoretically 
8. <Pmax/ <py based on the theoretical <py. 
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2.3.2 Basic Principles Concerning the Role of Confining Rein-
forcement 
In early studies in 1928, Richart, Brandtzaeg, and Brown [15] found that the strength 
and ductility of concrete were significantly increased during triaxial compression loading, 
compared with uniaxial loading, because the lateral pressure confined the concrete and 
reduced the tendency for internal cracking and volume increase just prior to failure. 
In practice, concrete is generally confined by transverse reinforcement in the form of spirals 
or hoops. Richart et aI. [16] found that the enhancement of strength and ductility of concrete 
confined by fluid pressure, was similar to that observed for concrete confined by transverse 
reinforcement. 
ACI Committee 103 in 1933 [17] reported that the ultimate strength of concentrically loaded 
reinforced concrete columns confined by spirals could be expressed by a single formula as 
follows: 
C f~(l - Pee) + fyPt + kfyhPs (2.1) 
where P=ultimate concentric load on column, Ae=cross-sectional area of core concrete, C=a 
constant, found to be 0.85, f~=compressive strength of concrete cylinders, Pee=ratio of area 
of longitudinal reinforcement to Ae, fy and fyh=yield strengths of longitudinal reinforcement 
and spirals, respectively, k= a constant, ranged between 1.5 to 2.5 with an average of 2.0, 
and ps=volumetric ratio of spirals to core concrete. Eq. 2.1 indicates that when spiral steel 
is used, transverse reinforcement is twice as efficient as longitudinal steel as far as increasing 
the load carrying capacity of the columns is concerned. 
To achieve considerable enhancement of strength in columns, sufficient quantities of trans-
verse reinforcement have to be provided. The increase in strength of concentrically loaded 
columns due to confining reinforcement should exceed the strength of cover concrete. This 
requirement is based on the assumption that the strength of confined columns after the 
spalling of concrete should be at least equal to the strength of unconfined columns before 
the concrete spalling, in order to prevent a sudden loss in load carrying capacity. If the 
strength ,of cover concrete is assumed to be 0.85f~, the minimum required spiral reinforce-
ment is then given by: 
ps (2.2) 
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2.3.3 ACI Building Code Requirements 
Based on the above principle of maintaining the strength of concentrically loaded columns, 
the American Concrete Institute Building Code ACI 318-71 [18] recommended the quantities 
for spiral reinforcement in the potential plastic hinge regions of columns in seismic design 
as follows: 
For columns with Pe > Oo4Pb, 
(2.3) 
but not less than O.12f~/ fy. Tests indicated that considerable toughness and ductility was 
achieved in columns containing spirals as required by Eq. 2.3. The lower bound O.12f~/ fy 
was applied to large columns with small cover thickness. 
When Pe < Oo4Pb, columns were designed as flexural members. 
These requirements were maintained in ACI 318-77 [19] and ACI 318-83 [20]. Except that 
the limitation of axial load of Oo4Pb was replaced by O.lf~Ag in ACI 318-83. The following 
requirements for confining reinforcement in forms of rectangular hoops or cross ties were 
also specified: 
(204) 
or 
(2.5) 
whichever is greater. 
Also, since 1971, the ACI 318 requirements for the length of the confined potential plastic 
hinge regions have been the greater of the overall thickness h, where h is the larger sectional 
dimension for rectangular columns or the diameter of circular columns, one-sixth of the 
clear height of column, or 18 in. (457 mm). However, the requirements for the spacings of 
confining reinforcement have been changed. In addition to the requirement of a spacing not 
exceeding 4 in. (102 mm), the ACI 318-83 also specified that the transverse reinforcement 
shall be spaced at distances not exceeding one quarter of the minimum member dimension. 
The ACI 318 requirements as described above, became the basis of the seismic design pro-
visions for concrete confinement in columns of many countries, including New Zealand [2] 
and Europe [22]. The SEAOC code [23] also used the provisions and the detailing specified 
by the ACI 318. 
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2.3.4 CEB Model Code Requirements for Seismic Design of Con-
crete Structures 
General 
The Comite Euro-International du Beton CEB Bulletin d'Information N° 165, 1985 [22] 
specifies a set of seismic design provisions, which is known as the Model Code for Seismic 
Design of Concrete Structures. 
According to the code [22], structural systems may possess different ductility levels as follows: 
• Ductility Level I (DL I). This level of ductility is associated with relatively large design 
lateral forces, so that only a little inelastic response occurs even during the largest 
earthquake. Structures with ductility level I may be considered as elastic responding 
structures. 
• Ductility Level II (DL II). This level of ductility will enable the structures to enter 
inelastic range under repeated cyclic loading, without premature brittle-type failure. 
Structures DL II may be considered as structures of limited ductility. 
• Ductility Level III (DL III). For this level of ductility, special procedures for the evalu-
ation of design actions, and for the proportioning and detailing of structural elements 
are to be adopted to ensure the development of selected mechanisms with large energy-
dissipation capacities. Structures DL III may be considered as ductile structures. 
With regard to the detailing of columns of structures DL II and DL III, the code specifies 
the following requirements. When the axial compression load Pe ~ O.lf~Ag, the columns 
are considered as flexural members. When Pe > O.lf~Ag, the requirements described in the 
following sections are applied. 
Column Critical Regions 
The critical regions of a column, which are denoted as potential plastic hinge regions in 
the New Zealand code [2], are considered to be the regions at each end of a column above 
and below connections over a length from the faces of the connection of not less than the 
larger of the longer column cross-section dimension in the case of a rectangular column, or 
the diameter of the section in the case of a circular column, one-sixth of the clear height of 
column, or 450 mm. 
Quantities of Confining Reinforcement in the Column Critical Regions 
For structures DL II, a minimum diameter of 8 mm in the form of spiral or hoop rein-
forcement shall be provided, with the maximum spacings of the smaller of eight times the 
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minimum diameter of longitudinal bars, one half the least cross-sectional dimension of the 
section, or 200 mm. These quantities shall be continued throughout the length of the beam-
column joint. 
For structures DL III, the volumetric ratio of transverse reinforcement (spirals or hoops) 
shall not be less than the greater of: 
Po (2.6) 
Po (2.7) 
The values of Al and A2 are given in Table 2.3, as a function of the axial compression loads. 
Table 2.3: Values of Al and A2 
Pel f~Ag 0.10 0.20 0.30 0040 0.50 
Al 0.05 0.06 0.07 0.08 0.09 
A2 0.18 0.22 0.26 0.30 0.34 
It is obvious, that the values of Al and A2 increase with the axial load levels, indicating 
that the higher the axial load, the more confinement is needed to confine the compressed 
concrete. 
For rectangular sections, the volumetric ratio ps is defined as 
po (2.8) 
The minimum diameter of spirals or hoops shall be 8 mm. However, more stringent re-
quirements for the hoop spacings are given for structures of DL III. That is, the maximum 
spacings' shall not exceed the smaller of six times the minimum diameter of longitudinal 
bars, a quarter of the least cross-sectional dimension of section, or 150 mm. 
2.3.5 New Zealand Concrete Design Code NZS3101 Seismic De-
sign Provisions 
In the first draft of the most recent New Zealand concrete design code, Draft Code DZ3101:1978 
[10] the length of the confined potential plastic hinge regions was specified as in ACI 318-77. 
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However, based on theoretical moment-curvature studies conducted by Park et al. [24] for 
rectangular columns, using the stress-strain model for confined concrete derived by Kent 
and Park [25], and by Park et al. [26] for circular columns, the quantities of confining re-
inforcement in the potential plastic hinge regions specified by the ACI and SEAOC codes, 
were modified to account for the effect of axial compression in the columns. 
For circular columns, it was required that 
ps - qff~ (0.375 + 1.25f~ ) 
yh c 9 
(2.9) 
where q = 0.12 or q - 0.45(Ag/ Ac - 1), whichever is greater, Pe > O.lf~Ag, and ps -
4Ab/(Sh~ 
The diameter of spiral or circular hoop bar was to be at least 10 mm, and the maximum 
centre-to-centre spacing of spirals or hoops was not to exceed the smaller of one-fifth of 
column diameter, six times the minimum diameter of longitudinal bars, or 125 mm. 
For rectangular columns, it was required that 
f~ ( Pe ) ps - q-f 0.33 + 1.67 flA yh c 9 (2.10) 
where q = 0.12 or q 
Ash/(Shh") 
0.3(Ag/ Ac - 1), whichever is greater, Pe > O.lf~Ag, and ps 
The minimum diameter and spacing of hoops was similar to that for spiral or circular hoop 
steel, except that the spacing of 125 mm was increased to 150 mm. 
Comparing Eqs. 2.9 and 2.10, it is obvious that in a rectangular column, the required 
quantities of transverse reinforcement were more dependent on the axial load level than in 
a circular column. Due to their shape, spirals or circular hoops are capable of providing 
uniform confining pressure to concrete. This is not the case for rectangular hoops or cross-
ties which because of their shape, can only apply confining pressure near the corners of the 
hoops arid the ends of the cross-ties, therefore the concrete is only confined effectively in 
those areas, resulting in smaller area of effectively confined concrete. When the axial load 
is high, the strength of columns is more dependent on the strength of confined concrete. 
The smaller area of effectively confined concrete results in less strength and ductility of 
such columns, and therefore larger quantities of confining reinforcement are required for 
rectangular columns. 
However, more experimental results [7,8] obtained from tests on a range of near full size 
reinforced concrete columns, and designed according to the draft code [10] requirements for 
concrete confinement, showed that displacement ductility factors of at least 6 and 8 were 
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achieved in square and circular columns, respectively. Moreover, at the end of the tests, 
the maximum inelastic deformation capacity of the columns was not fully reached, and the 
strength was still maintained, indicating that the columns could have reached much higher 
ductility factors than those available. 
As a result of the above test results, the requirements for the quantities of confining rein-
forcement were modified to give the same level of dependency on the axial compression for 
both circular and rectangular columns. Also, the length of the confined potential plastic 
hinge regions was modified according to the axial load levels, since when the axial load level 
increased, failure could possibly occur outside the confined region unless the confined region 
was long enough. 
The volumetric ratio for spirals or circular hoops, and for rectangular hoops, in the potential 
plastic hinge region was then given in the second draft of the code [11] as 
ps - qff~ (0.5 + 1.25 f :-Ae ) yh c 9 (2.11) 
where q = 0.12 or q = 0.30k(Ag/Ac -1), whichever is greater, ps = 4Ab/(Sh4), and k = 1.5 
for circular hoop arrangement, and ps = Ash/(Shh"), and k = 1.0 for rectangular hoop 
arrangement. 
It is also required that Pe < <pO. 7 f~Ag or Pe < <pO. 7 Po, where Po=ideal axial load compressive 
strength when the load is applied with zero eccentricity. 
The centre-to-centre spacing of both spirals and circular and rectangular hoops should not 
exceed the smaller of one-fifth of the least lateral dimension of the cross section, six longi-
tudinal bar diameters, or 200 mm. 
It is expected that columns with the quantities of confining reinforcement as given by Eq. 2.11 
will be capable of reaching a curvature ductility factor <Pu/ <py of at least 20, which should 
allow typical bridge piers or building columns in a storey to achieve a displacement ductility 
factor of at least 8 [21]. 
The length of potential plastic hinge region is recommended as follows. When Pe :s; 0.3f~Ag, 
not less than the larger column section, or where the moment exceeds 0.8 of the maximum 
moment at that end of the member. When Pe > 0.3f~Ag, the length is increased by 50%. 
The above recommendations were confirmed by research work carried out by Ang et al. [9]. 
The design provisions in the New Zealand concrete design code NZS3101:1982 [2] follow 
these recommendations. 
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2.4 Comparison of the Code Provisions for Quantities 
of Confining Reinforcement in the Potential Plas-
tic Hinge Regions of Columns 
The code provisions discussed above indicated the necessity for confining reinforcement 
to provide adequate ductility in columns. They were initiated by the ACI building code, 
and followed by the New Zealand and CEB codes with some modifications, particularly 
with regards to the effects of axial compression in columns on the available ductility (see 
Ref. [27]). 
Although the modifications made by the CEB code were not as obvious as those made 
by the New Zealand code, both provisions indicate that more confining reinforcement is 
necessary to maintain the strength and ductility of columns with large axial compression. 
Fig. 2.1 compares the quantities of confining reinforcement required by the codes for a typical 
column section. 
0.15 
0.10 
0.05 
S'~Y ~'L:Y 
./ ACI-a3 
o--~--~~~~--~~--~~ __ 
o 0.2 0.4 0.6 Pe 
{l1 fcAg 
Figure 2.1: Comparison of Code Quantities of Confining Reinforcement for a Column 
The step change in the ACI requirements which occurs at Pe = O.lf~Ag, does not give a 
rational amount of confining reinforcement needed when the axial load ratio is slightly less 
than O.lf~Ag. 
Although the CEB code went a step further by linearly increasing the quantities with the 
axial load level as in the New Zealand code, the quantities are much less than recommended 
by both 'the ACI and New Zealand codes. 
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Fig. 2.1 shows clearly that there is still considerable disagreement between the codes. The 
basic difference between the ACI and New Zealand codes arise because the ACI code pro-
visions are based on preserving the concentric load capacity of columns whereas the New 
Zealand code provisions are based on attaining adequate curvature ductility capacity. 
Although the New Zealand provisions recommend the greatest quantities of confining steel, it 
was found in recent theoretical studies [3,4] (see Chapter 4), that the New Zealand provisions 
need to be made even more dependent on the level of axial compression in columns if the 
requirement for adequate ductility is to be maintained. 
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Chapter 3 
EXPERIME TAL 
INVESTIGATION OF THE 
BEHAVIOUR OF SQUARE AND 
OCTAGONAL COLUMNS UNDER 
COMBINED FLEXURE AND 
AXIAL LOADS 
3.1 Introduction 
The current New Zealand concrete design code [2] specifies the following equation for the 
quantity of confining reinforcement required in potential plastic hinge regions of reinforced 
concrete columns of ductile structures: 
f~ ( 5 Pe ) Ps = q-j O. + 1.25 flA yh c 9 (3.1) 
where q = 0.12 or q = 0.30k(Ag/Ac -1), whichever is greater. 
For spirals or circular hoops, ps = 4Ab/(Shd~ and k = 1.5, and for rectangular hoop rein-
forcement with or without supplementary cross ties, ps = Ash/(Shh") and k = 1.0, where 
Sh is the centre-to-centre spacing of hoop sets, h" or d is the dimension of concrete core of 
section measured to the outside of perimeter hoop or spiral, Ag is the gross area of column 
cross section, Ac is the area of concrete core of section measured to outside of peripheral 
hoop or spiral, f~ is the concrete compressive strength, fyh is the yield strength of transverse 
hoops, Pe is the axial compression load due to design gravity and seismic loading and ifJ is 
the strength reduction factor. 
The centre-to-centre spacing of transverse reinforcement in potential plastic hinge regions 
should not exceed the smaller of one-fifth of the least lateral dimension of cross section, six 
longitudinal bar diameters,or 200 mm. 
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As mentioned in Chapter 2, the equation was based on the ACI [19] and SEAOC [23] 
equation, with an additional term to include the axial compression as a variable. This mod-
ification was resulted from theoretical and experimental studies carried out at the University 
of Canterbury [14], which showed that the level of axial compression in columns did affect 
the available ductility of the columns. Recent analytical studies [4] however, indicated that 
the above code equation might not be able to provide adequate ductility when the axial 
compression level is high, and therefore the equation may need to be made more dependent 
on the level of axial compression. 
On the other hand, an experimental study carried out by Soesianawati et aI. [5] showed 
that only one-half of the quantity of confining reinforcement recommended by the code [2] 
is sufficient to provide adequate ductility in columns with low axial compression levels. 
In addition, significant tests have also been conducted in the United States. Johal et ai. [31] 
examined the effect of axial load, and the amount, type and details of transverse reinforce-
ment, on the strength and ductility of columns subjected to simulated seismic loading. Ten 
units with axial compression loads of 0.2 to O.4f~Ag were tested. The results indicated that 
the flexural overstrength of columns, above the code calculated strengths increases with ax-
ialload level, but that the ductility decreases substantially. Also, a reduction in the amount 
of transverse reinforcement results in a lower available ductility. 
Fafitis and Shah [32] investigated the behaviour of confined columns subjected to monotonic 
flexure and constant axial compression. The confining reinforcement was designed to the 
ACI 318-77 [19] requirements. The axial load levels were varied from 0.25 to 0.8f~Ag. It was 
found that the degree of flexural overstrength depends on the axial load levels, the amount 
of confinement, the compressive strength of concrete and the shape of columns. It was 
also shown that the square columns exhibited higher flexural overstrength than the circular 
sections. However, the available ductility in the columns was not indicated. 
Sheikh, Yeh and Menzies [33], and Yeh and Sheikh [34] tested fifteen column specimens sub-
jected to concentric compressive loads, and sixteen column specimens subjected to combined 
flexure and constant axial compression. One of the aims of this study was to investigate 
the effects of distribution and quantities of transverse reinforcement on the strength and 
ductility of columns. As expected, an increase in the amount of confining reinforcement 
significantly enhanced the strength and ductility of the columns. The effect of axial load 
levels on the behaviour of columns was also examined. Surprisingly, it was found that for 
some columns with high axial compression, the flexural strength of the columns did not even 
reach the theoretical strength calculated using the code approach for unconfined concrete. 
It is evident, although several experimental investigations of the behaviour of columns un-
der simulated seismic loading have been conducted in New Zealand and overseas, there is 
still insufficient information regarding the available ductility of columns with large axial 
compression. More experimental work is required to examine the behaviour of this type of 
column in order to verify the analytical prediction [4], concerning with the dependency of 
quantities of confining reinforcement on the level of axial compression. 
In this chapter, a description of an experimental investigation of seven reinforced concrete 
columns, with various quantities of transverse reinforcement, subjected to moderate and 
large axial compression, and reversible lateral load is presented. This includes the design, 
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construction and instrumentation of the column units, material properties used, and a brief 
explanation of the testing procedure. The experimental results are reported in the following 
form: General Performance, Hysteretic Behaviour, Measured Curvature Distribution, Avail-
able Curvature Ductility Factor, Equivalent Plastic Hinge Length and Plastic Rotation, and 
Measured Strain Profile. A comparison with theoretical predictions is also made. 
3.2 Design of Column Units 
3.2.1 Background 
In 1985, four square reinforced concrete columns with low axial compression, which contained 
smaller quantities of confining reinforcement than recommended by the code [2] were tested 
[28], under constant axial compression and cyclic flexure to simulate earthquake loading. 
The details of these units are listed in Table 3.1, and the cross sections and dimensions are 
shown in Figs. 3.1a and b. 
Table 3.1: Properties of Column Units with Low Axial Compression 
Transverse Reinforcement for 
Unit ~ f~ dia.-sh fyh Confinement Antibuckling Shear <pf~Ag 
(MPa) (mm) (MPa) 1 2 3 4 5 6 
1 0.1 46.5 R7-85 364 0.43 - 0.21 5.3 2.08 1.0 
2 0.3 44 R8-78 360 0.46 1.12 0.20 4.9 2.93 2.01 
3 0.3 44 R7-91 364 0.30 0.74 0.23 5.7 1.94 1.65 
4 0.3 40 R6-94 255 0.17 0.41 0.24 5.9 0.97 1.34 
Notes: 
1. ratio of actual ps to ps required by code [2] 
2. ratio of actual ps to ps required by design charts [4] for CPu/ cPy = 20 
3. ratio of Sh to b 
4. ratio of Sh to db 
5. ratio of tie force to l6 longitudinal bar force at 100 mm centres 
6. ratio of shear strength to design shear force 
7. f~ was measured at time of testing of column units 
8. fy was 446 MPa 
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The results of these column tests are summarized as follows: Units 1 and 2, which contained 
43% and 46% of the code [2] recommended quantity of confining reinforcement, and with 
axial load levels of 0.1 or 0.3f~Ag, respectively, achieved a displacement ductility factor of at 
least 8 without significant strength degradation. The longitudinal bars at the extreme fibre 
eventually fractured. Units 3 and 4, with 30% and 17% of the code recommended quantity 
of confining reinforcement, and with an axial load level of 0.3f~Ag, achieved displacement 
ductility factors of at least 6 and 4, respectively. Fracture of an octagonal hoop was ob-
served at the end of testing Unit 3, and a failure of hoop anchorage followed by buckling of 
longitudinal bars terminated the test of Unit 4. 
The current experimental work is a continuation of the above study [28]. In this project, the 
flexural strength and ductility of columns with moderate to high axial compression loads 
are investigated, so that the behaviour of columns over a greater range of axial load levels 
can be explored in more detail. 
3.2.2 Description of the Additional Column Units 
Seven column units 3.9 m high were designed and constructed. Five of the units (Units 5 
to 9) were of square cross section, and the other two (Units 10 and 11) were of octagonal 
cross section. The cross sections and the dimensions of the columns, and the arrangement 
of longitudinal and transverse reinforcement in the columns are shown in Fig. 3.1. Because 
the specimens were approximately one half scale, the concrete cover to the transverse rein-
forcement was made 13 mm whereas the New Zealand code [2] requires a minimum cover 
thickness of 25 mm for cast in situ beams and columns . 
.E_--. 
fH~~ 
POfentiol 
plastic hinge 
regions 
Pin 
E 
E 
8 
!e 
8 
'<:r 
E 
E 
8 ~ 
E 
E 
8 
0) ,., 
fH -L~_Pin ----'-
400mm Elevation, 
(a) 
wver= 13mm Cover = 13mm 
-t= 
G E B E 0 0 '-: ",I ~,,::I I 371.mm I 
1.00mm 1.00mm 
Units 5 to 9 Units 10 & 11 
(b) 
Sections 
(c) 
Figure 3.1: Cross Sections and Dimensions of Column Units 
19 
E 
E 
0 
0 
'-: 
The critical plastic hinge regions of the columns where maximum moment occurs, and there-
fore damage is expected, are the regions above and below the central stub (see Fig. 3.1). 
For Units 5 and 6 with square cross section, the axial load level was 0.5f~Ag, and the 
transverse reinforcement was designed to be 4/9 and 2/9 times the quantities given by the 
code [2]. For Unit 10 with octagonal cross section, the axial load level was 0.5f~Ag, and the 
transverse reinforcement was designed to be one-half of the code quantity. For Units 7 and 8 
with square cross section, the axial load level was 0.7f~Ag, and the transverse reinforcement 
was designed to be 2/3 and 4/9 of the code recommended quantity. Also, with an axial 
load level of 0.7f~Ag, Unit 9 of square cross section was designed in accordance with the 
design charts for ductility [4] to achieve a curvature ductility factor of 20. Testing of this 
unit was aimed to confirm the analytical prediction [4] that the current code [2] equation 
for confinement might be unconservative for columns with high axial compression. This 
prediction was also examined by testing Unit 11 with an octagonal cross section, which was 
designed according to the code recommended quantity of confinement for ductile detailing. 
Table 3.2 summarizes the details of all column units tested. 
Table 3.2: Details of Column Units with Moderate and Large Axial Compression 
Column ~ Transverse Reinforcement 
Unit Cross Designf~ <pf~Ag diameter Sh fyh ~ 
Section (MPa) (mm) (mm) (MPa) Ps,code 
5 square 35 0.5 8 81 372 0.45 
6 square 35 0.5 6 96 388 0.22 
7 square 30 0.7 12 96 308 0.67 
8 square 30 0.7 8 77 372 0.45 
9 square 30 0.7 12 52 308 1.24 
10 octagonal 35 0.5 8 84 372 0.50 
11 octagonal 30 0.7 10 57 338 1.01 
In order to keep the quantities of transverse reinforcement to the expected percentages of 
the code quantities as mentioned previously, different compressive strengths of concrete were 
used in design. Units 5, 6 and 10, which had an axial load level of 0.5f~Ag, were designed 
using a compressive strength of 35 MPa. For Units 7, 8, 9 and 11 which had an axial load 
level of O. 7 f~Ag, a compressive strength of 30 MPa was used. The actual yield strengths of 
transverse reinforcing steel was used in the design calculations for transverse reinforcement. 
The arrangements of reinforcement in typical square and octagonal column units, including 
close up views of the reinforcement in the central stub and at the end of the column, are 
shown in Fig. 3.2. It can be seen that outside plastic hinge regions, the spacings of trans-
verse reinforcement was taken as twice those provided in the potential plastic hinge regions. 
Around the loading pins at the column ends, closer spacings of transverse reinforcement 
Were placed to resist bursting stresses due to the concentration of high axial compression. 
In designing the transverse reinforcement of the column units, the code [2] limitation of 6db 
for the spacing to prevent buckling of longitudinal reinforcement in the plastic hinge regions, 
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and 12db outside plastic hinge regions, was satisfied. The maximum permitted spacing in 
the plastic hinge r~gions was then 96 mm as used in Units 6 and 7. Smaller spacings were 
used in the other units. 
3.3 Construction of Column Units 
The reinforcing cage was first fabricated by tying the transverse bars to the longitudinal 
bars. The steel end plates of 12 mm thickness were welded to the longitudinal bars at 
each end of the cage. The reinforcing steel to form the central stub, was also placed. The 
stub was expected to behave elastically during the test .. As shown in Fig. 3.2d, two ex: 
shaped reinforcing bars surrounding each end pin were also located to control any cracking 
of concrete in this region. Fig. 3.3 shows the reinforcing cage of a typical column unit. 
Figure 3.3: Reinforcing Cage of a Typical Column Unit 
The cage was then placed in a plywood mould which had been painted and oiled to facilitate 
the removal of the unit after curing. The 55 mm diameter steel tubes were located at the 
position of the pins, and the 10 mm diameter steel rods for holding the potentiometers were 
also positioned and screwed to prevent any movement. These rods had polystyrene tips at 
both ends to ensure that the crushing of cover concrete during testing would not affect the 
measurements. Four 16 mm diameter anchor bars, to be used for lifting the unit into the 
DARTEC machine, and four 32 mm diameter plastic tubes to be used for the bolts of the 
laterallo1}d jack assembly were placed. A complete reinforcing cage in the mould, ready for 
placing the concrete in a horizontal position, is shown in Fig. 3.4. 
Figure 3.4: Reinforcing Cage in a Plywood Mould 
Two batches of concrete were provided by a local ready-mix supplier with target mean 
compressive strengths of eit.her 35 or 30 MPa. The cement cont.ent was 290 kg/m3 and 330 
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kg/m3, respectively. A graded aggregate with a maximum size of 12 mm was used. The 
concrete had a slump of 100 mm. 
From the first batch of concrete, with a target strength of 35 MPa, three column units, 
namely Units 5, 6 and 10 were cast. Twelve 200 X 100 mm diameter concrete cylinders and 
three 120 mm square beams 400 mm long were also cast. From the second batch, with a 
target strength of 30 MPa, four column units, namely Units 7, 8, 9 and 11 were cast together 
with fifteen cylinders and three beams with the same dimensions as above. 
The specimens were compacted by mechanical vibrators. The suface of the specimens was 
then trowelled smooth, covered with damp sacks and polythene, and kept moist for seven 
days. The cylinders and the beams were vibrated on a vibrating table and left to cure in a 
fog room at 20°C and 100% relative humidity until tested. 
3.4 Instrumentation of Column Units 
The instrumentation for measuring displacements is shown in Fig. 3.5. Three 300 mm travel 
SAKAE linear potentiometers were installed on the side of the stub to measure the horizontal 
displacement and to calculate the rotation of the stub. Ten pairs of linear potentiometers 
of either 50 mm travel or 30 mm travel, aligned vertically at five levels above and below 
the stub, were used to calculate the column curvatures and compressive strains in the core 
concrete. This calculation was carried out assuming that plane sections remain plane after 
bending. 
The potentiometers measuring vertical deformations were mounted on the steel rods which 
passed horizontally through the columns and were cast in the columns. To ensure that these 
potentiometer measurements would not be effected by the deformations of the transverse and 
longitudinal reinforcing bars, different gauge lengths were used, depending on the spacings 
of the transverse reinforcement. Table 3.3 shows the distance of the potentiometer rods from 
the face of the stub for each column unit. 
To measure the strains in the plastic hinge regions, SHOWA N11-FA-5-120-115 mm electrical 
resistance strain gauges with a gauge factor of 2.11 were attached on the hoops and spirals 
(see Fig. 3.6). For each position, the gauges were placed in pairs so that the axial stress 
could be obtained with effect of bar bending eliminated. 
For the square columns, the electrical resistance strain gauges were placed on both the 
octagona'.l and square hoops and on the four sets of hoops above and below the central stub, 
except for Unit 9 where because of the small hoop spacing of 52 mm the gauges were placed 
on every second hoop at four levels above and below the stub. For the octagonal columns, 
they were placed on the five spiral turns above and below the central stub, except for Unit 
11 where because of the small spiral spacing of 57 mm the gauges were placed on every 
second spiral turn at five levels above and below the stub. 
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Table 3.3: The Distance of Potentiometer Rods from the Face of the Central Stub for Each 
Column Unit, in mm 
Unit 1st level 
5 80 
6 80 
7 80 
8 80 
9 100 
10 80 
11 80 
2nd level 3rd level 4th level 
160 
160 
180 
160 
200 
160 
160 
310 
310 
280 
310 
350 
320 
320 
III III" 
Direction of 
Loading 
470 
470 
460 
470 
510 
500 
500 
5th level 
630 
630 
640 
630 
710 
680 
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Figure 3.6: Positions of Electrical Resistance Strain Gauges on the Hoops and Spirals 
The electrical resistance strain gauges in the square columns were placed prior to the fabri-
cation of the reinforcing cages. The strain gauges in the octagonal columns, were attached 
to the spirals after fabricating the cages. 
At selected stages during testing, the output voltages from the linear potentiometers and 
strain gauges were recorded by a SOLARTRON data logger. Using a data reduction program 
[35], the corresponding longitudinal and transverse strains were calculated. 
Three X-Y plotters were used to plot the hysteresis loops of lateral load-displacement at the 
central stub, and lateral load- curvature at the top and bottom plastic hinge positions. 
3.5 Material Properties 
In order to predict the strength of the column units accurately, it is necessary to determine 
the properties of materials used. Tensile tests for both the longitudinal and transverse 
reinforcing steel, and compression and bending tests for the concrete, were carried out. 
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The tensile tests on the reinforcing steel were conducted in accordance with the British 
Standard BS1S:Part 2:1971 specification [36]. 
The measured properties of the longitudinal reinforcing bar HD16 are shown in Fig. 3.7. It 
can be seen that the yield strength is much larger than the specified strength of 3S0 MPa. 
This steel in fact was micro-alloy high strength steel, which will be replacing the current high 
strength Grade 3S0 steel. It has a longer yield plateau and less significant strain hardening 
strength enhancement than the current Grade 3S0 steel. 
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Figure 3.7: Stress-Strain Curve for Longitudinal Bar HD16 
The transverse reinforcing steel used was of plain round bars of Grade 275, with diameters 
varying from 6 to 12 mm. For round bar RS, although the yield point was not as obvious as 
for the other bars, an approximate curve, which shows yield plateau and strain hardening, 
can still be plotted (see Fig. 3.9). Therefore, the yield strength and the yield strain for this 
bar were determined using the procedure similar to that used for the other bars which had 
well defined yield points. This procedure, is preferred to that specified in the BS 1971 [36] 
and ASTM 1973 [37], where the yield strength of steel lacking a well-defined yield point 
is defined as the stress corresponding to a strain of 0.005. Since the plain round bars RS 
and R10 were used as spirals for Units 10 and 11, tensile testing of samples of straightened 
spirals was also carried out. The stress-strain curves of the bars obtained from the tests, are 
shown in Figs. 3.S, 3.9 and 3.10, respectively. 
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Meggegotto and Pinto [3] proposed a formula to determine an ideal stress-strain curve of 
straightend spirals (see Eq. 3.2). This theoretical curve, which generally lies between the 
measured curves for straight bar and straightened spirals, has been considered to be more 
reasonable for use in determining the properties of spiral reinforcement. The theoretical 
yield strength for the straightened spirals was found to be very close to that obtained from 
the straight bars, and therefore the yield strength of the straight bars was used in design. 
Is 
where Q = 0.6Esh / Es 
R = O.lD/db, 1 ~ R~· 20 
D = centre-to-centre diameter of the spiral 
db = diameter of spiral bar 
(3.2) 
The compressive strengths of the concrete were obtained from 200 x 100 mm diameter 
concrete cylinders tested according to the procedure specified in the New Zealand Standard 
NZS 3112:Part 2:1980 [38]. The compressive strengths tested at 28 days for the first and 
second batches were found to be 36 and 31.5 MPa, respectively. Table 3.4 lists the concrete 
compressive strengths measured on the days of testing the column units. Each test result is 
the average strength obtained from three cylinders. 
Table 3.4: Compressive Strength of Concrete at Stage of Testing the Column Units 
Unit Batch Age of Concrete, Days Compressive Strength, MPa 
5 1 153 41 
6 1 168 40 
7 2 157 42 
8 2 150 39 
9 2 164 40 
10 1 215 40 
11 2 187 39 
Bending tests on concrete beams with a 120 mm square cross section and 400 mm length, 
were also carried out in accordance with the NZS 3112:Part 2:1980 [38] specifications to 
evaluate the modulus of rupture of concrete. The values of modulus of rupture obtained at 
the age of 28 days for the two batches of concrete were both 4.8 MPa. 
28 
3.6 Comparison of the Quantities of Transverse Re-
inforcement in Column Units with Requirements 
Specified by the Code and by Design Charts for 
Ductility 
3.6.1 Introduction 
To ensure that the available ductility of a column exceeds the ductility demand during a 
severe earthquake, the New Zealand concrete design code [2] specifies quantities of transverse 
reinforcement in the potential plastic hinge regions of reinforced concrete columns of ductile 
moment-resisting frames. The transverse reinforcement is intended to adequately confine 
the concrete in the compression zone, to prevent buckling of compressed longitudinal bars, 
and to provide shear resistance. 
In this section, the quantities of transverse reinforcement provided in the column units 
are compared with the code recommended quantities. A comparison of the quantities of 
confining reinforcement with those required by the design charts for ductility [4] to achieve 
a curvature ductility fact~r of 20 is also made. 
3.6.2 Comparison of the Requirements of the Code and the De-
sign Charts for Ductility with the Quantity of Transverse 
Reinforcement Provided in Column Units for Concrete Con-
finement 
The New Zealand concrete design code [2] requires that in the potential plastic hinge regions 
of columns, the quantity of transverse reinforcement should not be less than those given by 
Eq. 3.1. The centre-to-centre spacings of transverse reinforcement should not exceed the 
smaller of: one-fifth of the least lateral dimension of cross section, or six times longitudinal 
bar diameter, or 200 mm. 
Table 3.5 compares the actual quantity of transverse reinforcement provided in the column 
units with that required by the code [2], and by the design charts for ductility [4] for an 
available curvature ductility factor of <Pul <py=20. The background of the design charts 
is described in Chapter 4. The calculation of the code and design chart quantities was 
conducted using the measured material strengths of steel and concrete. It can be seen that 
the actual transverse reinforcement for concrete confinement varied from 19% to 93% of the 
code recommended quantity, and from 21 % to 70% of that required by the design charts for 
ductility. 
The actual shlb or shl D ratios for Units 6, 7 and 10 exceeded the code limiting value of 0.20, 
but less than 0.25. It is worth noting that, based on the experimental results, a limitation 
of shlb = 0.25 has been proposed to replace the current code requirement of shlb = 0.20 
[5]. The spacings used in the column units therefore, were wi thin the proposed spacings of 
shlb ::; 0.25. 
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Table 3.5: Comparison of the Quantity of Transverse Reinforcement in the Column Units 
with the Requirements Specified by the Code and by the Design Charts for Ductility 
Transverse Reinforcement for 
Unit ~ Confinement Antibuckling Shear <PJ~Ag 
1 2 3 4 5 6 
5 0.5 0.38 0.42 0.20 5.1 2.74 2.04 
6 0.5 0.19 0.21 0.24 6.0 1.36 1.51 
7 0.7 0.48 0.38 0.24 6.0 4.31 2.79 
8 0.7 0.34 0.25 0.19 4.8 2.88 2.29 
9 0.7 0.93 0.70 0.13 3.3 7.95 3.61 
10 0.5 0.44 0.33 0.21 5.3 N.A. 2.26 
11 0.7 0.77 0.44 0.14 3.6 N.A. 3.38 
Notes: 
1. ratio of actual Ash to Ash required by code [2] 
2. ratio of actual Ash to Ash required by design charts [4] for <Pu/ <py = 20 
3. ratio of Sh to b 
4. ratio of Sh to db 
5. ratio of tie force to 1~ longitudinal bar force at 100 mm centres 
6. ratio of shear strength to design shear force Vi/V: 
7. f~ was measured at time of testing of column units, and fy=474 MPa 
3.6.3 Comparison of the Code Requirements with the Quantities 
of Transverse Reinforcement Provided in Column Units for 
Maintaining Stability of Compressed Longitudinal Bars 
The New Zealand concrete design code [2] requires that the yield force in the hoop or cross 
tie should at least equal one-sixteenth of the yield force of the longitudinal bar or bars it is 
to restrain at 100mm centres. This requirement may be written as: 
EAb/y S 
16fyh 100 
(3.3) 
where Ate=area of the leg hoop or cross tie, E Ab=sum of the areas of the longitudinal bars 
reliant on the tie, fy=yield strength of longitudinal bars and fyh=yield strength of hoops. 
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The code also requires that the centre-to-centre spacings of hoop sets should not exceed six 
times longitudinal bar diameter. 
As can be seen from Table 3.5, the transverse reinforcement provided in the column units 
satisfied the code requirements for restraint of longitudinal bars from premature buckling. 
3.6.4 Comparison of the Code Requirements with the Quantities 
of Transverse Reinforcement Provided in Column Units for 
Shear 
In the capacity design approach, it is required that the ideal shear strength of a column V; 
should at least equal to the column design shear force, V:, which results from the flexural 
overstrength that can be developed in the plastic hinge regions of the column. In the design 
of the column units, the design shear force was taken as the shear force corresponding to a 
column flexural strength of 1.1 X ideal flexural strength. 
The New Zealand concrete design code [2] calculates the ideal shear strength of column 
V; as a summation of shear strength provided by concrete mechanisms 11;;, and by shear 
reinforcement mechanisms Vs. 
Shear Strength Provided by Concrete Mechanisms 
The contribution of concrete to provide shear strength is given by: 
(3.4) 
where Vc is nominal shear stress carried by concrete, bw is width of column and d is effective 
depth of column. 
In the plastic hinge region: 
Vc = 0 (3.5) 
(3.6) 
Qutside of the plastic hinge region: 
(3.7) 
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where Vb = (0.07 + 10Pw)/fi ~ 0.2j1f, pw = As/(bwd), and As=area of tension reinforce-
ment. 
Shear Strength Provided by Shear Reinforcement Mechanisms 
The contribution of shear reinforcement to the shear strength is given by: 
where Av=total area of shear reinforcement parallel to the direction of shear force. 
(3.8) 
It is evident from Table 3.5, that shear was not critical in columns with moderate and high 
axial compression, due to the large contribution of concrete shear mechanisms. The shear 
strengths provided in the column units met the code requirements satisfactorily. 
3.7 Testing Procedures for Column Units 
The testing procedures for the column units were similar to the previous tests carried out 
at the University of Canterbury [14,5]. The 10 MN DARTEC u~iversal testing machine was 
used to apply axial load to the column units which was kept constant throughout the tests. 
Reversible lateral loads were applied through a 1 MN hydraulic jack which had a capacity 
of 1120 kN in compression, 840 kN in tension and an available travel of 400 mm. 
Preparation for testing, including the installation of the column units in the DARTEC 
machine and the loading frame, was described in detail in Refs. [9] and [28]. 
Fig. 3.11 illustrates a set-up of a column unit with the loading frame. The following sign 
convention for loading is used. When the unit is pushed, positive loading is applied, and 
when it is pulled, negative loading is applied. 
The applied lateral loading also followed a pattern similar to previous tests at the University 
of Canterbury. First, the unit was loaded with an initial loading cycle to 75% of the theoret-
ical ultimate load HAC], where HAC] was calculated from the theoretical flexural strength 
of column MAC], using the code [2] approach, and based on the measured concrete and steel 
strengths. The experimental yield displacement ~y was then calculated by extrapolating a 
straight line from the origin through the peak load of 75%HAc] to the theoretical ultimate 
load ±HAC] as shown in Fig. 3.12. Having established the ~y, the subsequent cycles were 
displacement controlled to various levels of nominal displacement ductility factors /In where 
/-tn = ~/ ~y, and ~=lateral displacement at the central stub. 
The displacement history used for Units 9 and 11 consisted of two complete cycles to nominal 
displacement ductility factors /In = ±2, ±4, ±6, ±8 etc. until complete failure of the column 
occurred or until the test had to be terminated for other reasons. For Units 5, 6, 7, 8 and 
10, which were expected to have limited ductility, the displacement history consisted of two 
cycles to /In = ±1, ±2, ±3, ±4 etc. 
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3.8 Experimental Results and Observations 
The aspects of the experimental investigations of the column units are reported in the 
following sections: 
3.8.1 General Performance 
For Units 5,6 and 10, which had axial load levels of 0.5f~Ag, first flexural cracks were observed 
in the column adjacent to the face of the stub when the lateral load was about 75% of the 
theoretical ultimate load. For Units 7,8,9 and 11, no flexural cracks were detected at this 
first stage of loading, since the predicted cracking load was higher than this peak load. After 
completing this first loading cycle, the experimental yield displacement was calculated, and 
the imposed displacements during the following loading cycles were determined. 
Some fine vertical cracks were observed in the stub, although heavy reinforcement had been 
provided in this region. Similarly, some vertical cracks occurred in the regions surrounding 
the loading pins at each end of the column units. These cracks were more significant in 
Units 7, 8, 9 and 11 which had axial load levels of O. 7 f~Ag, due to the high bursting stresses 
resulting from the concentrated axial load applied to the columns at the pins. However, 
these cracks were far from the plastic hinge regions. 
When the next excursion was applied, the existing flexural cracks in the plastic hinge regions 
became larger and some new cracks appeared. Vertical splitting of cover concrete also 
commenced. 
Greater column strengths were observed for lateral loading in the positive direction. This 
Was because when the applied load was in the negative direction, the units had already 
suffer red cracking and plastic deformations from the previous positive loading cycles. 
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When a nominal displacement ductility factor of /-In=3 was applied to Units 5,6 and 10, 
the cover concrete at the top or bottom plastic hinge region started to spall. During the 
negative loading cycle, spalling of the cover concrete occurred at both plastic hinges. For 
the other units which had high axial loads, spalling of the cover concrete started at /-In = 2. 
The strains at first spalling €spall for all column units are given in Table 3.7. 
With further increase in the imposed displacement, the transverse and longitudinal bars at 
the plastic hinge regions became visible, and most of the cover concrete spalled off. Eventu-
ally the longitudinal bars started to buckle. Further excursions resulted in the penetration 
of crushing into the core concrete, and significant strength degradation then occurred. 
Units 5 and 11 exhibited similar behaviour during the last stage of testing. The lateral load 
capacity degraded markedly followed by buckling of the longitudinal bars which terminated 
the tests. 
Units 6 and 8 indicated a sudden drop of lateral load carrying capacity at the end of test-
ing. This type of behaviour is characteristic of columns with small quantities of transverse 
reinforcement, where the transverse reinforcement was not sufficient to provide adequate 
concrete confinement, or to maintain the stability of compressed longitudinal bars against 
buckling. 
For Unit 7, buckling of the longitudinal bars occurred outside the bottom plastic hinge 
region over a length of 1200 mm from the face of the central stub. This damaged region was 
greater than the required confined length recommended by the code of 1.5 times the depth 
of column or equal to 600 mm. It is worth noting that the transverse bar spacings were 
under the code [2] limitation for anti-buckling requirements (i.e. 6db in the plastic hinge 
region, and 12db outside the plastic hinge region). 
As expected by the theory [4], Unit 9 exhibited ductile behaviour. The unit still maintained 
its strength after completing two cycles of /-In = 10. It was decided to terminate the test of 
Unit 9 at this stage. 
In the case of Unit 10, buckling of the longitudinal bars resulted in significant degradation 
in strength. Some spirals at the bottom plastic hinge eventually fractured at the end of 
testing. 
Figs. 3.13 to 3.19 illustrate the visible damage to Units 5 to 11 at their succesive displacement 
peaks and at the end of testing. 
3.8.2 Hysteretic Behaviour 
The experimental hysteresis loops showing the lateral load-displacement at the central stub, 
and lateral load-column curvatures are given in Figs. 3.20a,c and d to 3.26a,c and d. For 
comparison, the lateral load-displacement hysteresis loops predicted by the cyclic moment-
curvature theory [3] are also plotted in those figures (see Figs. 3.20b to 3.26b). The column 
curvatures were found from the potentiometers at the first level mounted at the top and 
bottom plastic hinges adjacent to the central stub over a 50 mm gauge length. 
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Figure 3.13: Visible Damage to Unit 5 During Testing 
Figure 3.14: Visible Damage to Unit 6 During Testing 
Figure 3.15: Visible Damage to Unit 7 During Testing 
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po 
Figure 3.16: Visible Damage to Unit 8 During Testing 
Figure 3.17: Visible Damage to Unit 9 During Testing 
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Figure 3.18: Visible Damage to Unit 10 During Testing 
Figure 3.19: Visible Damage to Unit 11 During Testing 
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Figure 3.20: Lateral Load-Deformation Hysteresis Loops for Unit 5 
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Figure 3.21: Lateral Load-Deformation Hysteresis Loops for Unit 6 
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Figure 3.22: Lateral Load-Deformation Hysteresis Loops for Unit 7 
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Figure 3.23: Lateral Load-Deformation Hysteresis Loops for Unit 8 
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Figure 3.24: Lateral Load-Deformation Hysteresis Loops for Unit 9 
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The dashed lines plotted in Figs. 3.20a to 3.26a show the theoretical ideal lateral load 
capacity HAC!, and include the P - ~ effects. 
It is obvious, that the definitions of the experimental yield displacement ~y as described in 
Sec. 3.7, and its corresponding yield curvature Cpy are arbitrary. It is reasonable therefore 
to also measure the available displacements and curvatures in terms of drifts and curvature 
ductility factors. The flexural overstrength can also be clearly seen, by expressing the lateral 
load H as a fraction of the theoretical ultimate load HAC!. 
The real displacement ductility factor Jlr included the effect of the rotation of the central 
stub, which was due to the plastic hinge rotation concentrating mainly either above or below 
the stub. To find the true horizontal displacement of each half length of column, a horizontal 
displacement ~ of the centre stub, where B is the measured rotation of the stub and I is the 
distance from the face of the stub to the pin at the end of the column (see Fig. 3.27). The 
real displacement ductility factor was then calculated from Jlr = (.6. + Bl)j ~y. 
Figure 3.27: Effect of Unsymmetrical Plastic Hinge Rotations on Column Displacements 
It should be noted that the ideal flexural strength of Unit 11 used during the test was 
calculated using the stress-strain models for concrete and steel proposed by Mander et al. 
[3], at an extreme fibre concrete compressive strain of €c = 0.003, rather than the code [2] 
approach,. The experimental values for ~y and CPy were therefore recalculated using the code 
flexural strength, and the measured quantities were adjusted to the modified values. 
Table 3.6 lists the available nominal and real displacement ductility factors, Jln and Jlr for 
the column units. It is evident that the Jlr values achieved by the column units were greater 
than the Jln values. Although the Jln values imposed on all units, except for Unit 9, was less 
than 6, the Jlr values of Units 5, 7, 10 and 11 is greater than 6, indicating that these units 
have more than limited ductility. 
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Table 3.6: Available Displacement Ductility Factors in Column Units 
Unit /In{1 ) /lr(2) 
5 5 6.7 
6 4 5.4 
7 3 6.3 
8 3 4.0 
9 > 10 > 23.3 
10 5 9.8 
11 4.65 7.5 
Notes: 
1. /In = ~/ ~y, where ~=lateral displacement of the central stub when the lateral load 
had reduced to not less than 80% of the theoretical ultimate load Hi, and ~y=yield 
displacement. 
2. /lr = (~+ ()l)/ ~y, where ()=rotation of the central stub, and l=distance from the 
centre of the stub to the pin. 
As can be seen from Fig. 3.20a, very good performance was obtained from Unit 5 up to the 
final imposed displacement ductility factor of about 6. Although there was some strength 
degradation, the lateral load capacity was still higher than the theoretical capacity based 
on the code [2] approach at the end of the test. 
The hysteresis loops for Unit 6 shown in Fig. 3.21a indicated that only limited ductility was 
available in this unit. The amount of transverse confining reinforcement in this unit was 
only 19% of the code [2] requirements. 
Figs. 3.22a and 3.23a compare the hysteresis loops for Units 7 and 8. Although the amount 
of confinement provided in Unit 8 was only 72% of that provided in Unit 7, Unit 8 achieved 
the same nominal displacement ductility factor of /In=3 as Unit 7. Moreover, Unit 8 was 
able to complete at least one cycle of /In = 4, while Unit 7 failed to reach that /In value. From 
this result, it is evident that the smaller diameter hoops with smaller spacings provided in 
Unit 8 were more efficient in preventing premature buckling of the longitudinal bars than 
the large diameter hoops with large spacings provided in Unit 7. However, a smaller real 
displacement ductility factor was reached by Unit 8 than by Unit 7. 
The hysteresis loops for Unit 9 shown in Fig. 3.24a demonstrated very ductile performance 
of this unit. The test results gave an indication that the transverse reinforcement provided 
satisfactory confinement for the concrete, was capable of preventing buckling of the com-
pressed longitudinal bars and provided sufficient shear resistance. No significant strength 
degradation was detected. It is worth noting that the amount of confinement provided 
in Unit 9 was 70% of that required by the design charts to obtain an available curvature 
ductility factor of 20, and was 93% of that required by the code [2] for ductile detailing. 
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On the other hand, Unit 11, which was designed according to the code quantity of transverse 
reinforcement [2] was only capable of limited ductility, as can be seen from the hysteresis 
loops in Fig. 3.26a. This indicated that the code equations need to be re-evaluated, if the 
current code requirement for adequate ductility is to be satisfied. 
From the hysteresis loops for Units 10 and 11, illustrated in Figs. 3.25a and 3.26a, it can be 
seen that the flexural strengths of the octagonal columns were less than those of the square 
columns, although they had the same 400 mm lateral dimension, the same longitudinal bars, 
and similar concrete compressive strengths. In the octagonal column, the longitudinal bars 
and the concrete are concentrated closer to the plastic centroid, which results in a smaller 
lever arm and thus less flexural strength. 
It was observed from the results of all column units, that the flexural strength enhancement 
factor cPo = Mma:c/MACI increased with the axial load level. For the columns with an axial 
load level of 0.5f~Ag, the value found for cPo was about 1.5, and for the columns with an 
axial load level of O. 7 f~Ag, higher value of cPo was found. Unit 9, which was well confined, 
reached the largest value of cPo of 2.01. 
The New Zealand draft loading code [39] gives a drift limitation at the end of the inelastic 
range of 1. 7% for structures in the most severe seismic zone. This limitation is to control 
secondary moment P - .6. effect. Beyond this value, overall instability of frames may occur. 
It can be seen that Units 5,9,10 and 11 exceeded this code value. Units 6 and 7 almost 
reached the code value, and Unit 8 did not reach the code value. Unit 9 however, achieved 
the largest drift of 5.22%. 
The measured maximum lateral load Hma:c, the flexural strength enhancement factor rPo, the 
maximum displacement .6.ma:c and the measured drift are listed in Table 3.7. 
3.8.3 Measured Curvature Distribution, Available Curvature Duc-
tility Factor, Equivalent Plastic Hinge Length and Plastic 
Rotation 
The measured curvature profiles of each column unit at the displacement ductility factor 
peaks are shown in Figs. 3.28 to 3.34. The values were obtained from the measurements at 
the potentiometer levels, and are plotted at the mid-points of the successive gauge lengths 
and joined by straight lines. 
As expected, the measured curvatures increase as the displacement ductility factor increases. 
However, some irregularities do exist due to unsymmetrical plastic hinge rotations above 
and below the central stub, and random formation of flexural cracks. Similar curvature 
distributions at both plastic hinges was observed up to a displacement ductility factor of 
ILn = 2. 
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Figure 3.31: Measured Curvature Profiles for Unit 8 
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Figure 3.32: Measured Curvature Profiles for Unit 9 
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The curvature distribution profiles for Units 5, 6 and 8 shown by Figs. 3.28, 3.29 and 
3.31, were reasonably symmetrical above and below the central stub. Unsymmetric plastic 
rotation of the top and bottom plastic hinges was noticeable from the curvature profiles of 
Units 7, 9, 10 and 11 as shown in Figs. 3.30 and 3.32 to 3.34. Again, Unit 9 exhibited the 
largest inelastic curvatures and very ductile behaviour. 
It was observed that the curvatures measured at the first potentiometer levels were un-
proportionally larger than those measured at the other levels owing to the inclusion of the 
effects of the yield penetration of the longitudinal bars into the stub, in the measurement of 
the curvatures at the first level. To compensate for this effect, Zahn et al. [4] suggested to 
use the average yield curvature obtained by extrapolating the curvatures measured at the 
second to the fifth potentiometer levels in both direction, when calculating the experimental 
yield curvature <py (see Fig. 3.35). After testing, the <py could also be refined to take into 
account the enhancement in flexural strength. This procedure by Zahn et al. was depen-
dent on contributions made by column sections along the potentiometer levels, when the 
yield curvature was measured. Although in some tests, this suggested measurement gave 
reasonably good agreement with the theoretical predictions (for example see [4,28]), it was 
not supported convincingly by theory, and thus the coincidence might not happen in other 
tests. 
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Figure 3.35: Determination of Experimental Yield Curvature According to Zahn et al. 
It is also worth noting that in the first loading cycle, very few or even no flexural cracks were 
detected, since the cracking moments were equal to or larger than 75% MAGI. Moreover, the 
central stub which was heavily reinforced, did provide additional confinement to the region 
surrounding the stub. Therefore, the effect of yield penetration was not very significant at 
the early stage of testing. 
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In view of these considerations, it was considered to be more reasonable to use the average 
curvature measured at the first potentiometer levels at both plastic hinges when determining 
the experimental yield curvature <py. To obtain <py, the curvature measured at the positive 
and negative peaks of the first cycle was extrapolated linearly, in the same manner as to 
determine the yield displacement D.. y (see Fig. 3.12). By examining the lateral load-curvature 
hysteresis loops, it is obvious that the initial stiffness was linear, therefore such a linear 
extrapolation can be justified. 
As a comparison, the curvature obtained by averaging the curvatures measured at the second 
potentiometer levels was also calculated. The regions, where the first and second potentiome-
ters were positioned, were the regions with the greatest plastic deformations, thus the most 
severe damage regions. 
The experimental yield curvature measured at the first and second potentiometer levels <Pyl 
and <Py2 ranged from 0.0096 to 0.0164, and from 0.00343 to 0.0076, respectively. 
The curvature ductility factors <PmaxI/<PYl and <Pmax2/<py2 were calculated using <pmaxl and 
<pmax2, that is the maximum curvatures observed at the first and second potentiometer levels 
at the displacement ductility peak when the strength had reduced to not less than 80% of 
the theoretical ultimate strength. 
The larger values of yield curvatures measured at the first potentiometer levels, resulted 
in smaller curvature ductility factors obtained, compared to those measured at the second 
potentiometer levels. 
Column sections with adequate ductility and limited ductility could be defined as sections 
with available curvature ductility factors <Pu/<py of approximately 20 and 10, respectively. 
Based on this definition, only Unit 9 has adequate ductility. Units 5 to 8, and Unit 10 have 
less than limited ductility, and Unit 11 has limited ductility, if the curvature ductility factors 
are based on the measurement at the first potentiometer level. If the measurement at the 
second potentiometer level is used, Unit 10 could be considered to have adequate ductility, 
while the other units have limited ductility. 
Fig. 3.36 shows the simplified curvature distribution for the columns normally used for 
displacement calculations [6]. 
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Figure 3.36: Assumed Curvature Distribution for Column Unit 
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The equivalent plastic hinge length f!p, can be obtained from measured plastic displacement 
Ap. Now, 
(3.9) 
and also, from Fig. 3.36, ~p can be found by taking the first moment of area of the plastic 
curvature distribution about the point of contrafiexure of the column as follows: 
(3.10) 
By equating Eqs. 3.9 and 3.10, the dimensionless equivalent plastic hinge length f!p/h or 
fp/ D can be expressed as: 
(3.ll) 
where h (or D) is the overall depth of the column, which was 400 mm for the column units. 
Since fp depends on fi-r and cp, it is more appropriate to calculate f!p at successive displacement 
ductility factor peaks. The values of cp measured at the first and second potentiometer 
levels were used. According to the draft loading code [39] a ductile structure requires a 
displacement ductility factor of 6, and a limited ductile structure requires a displacement 
ductility factor of 3. The equivalent plastic hinge lengths fp were then calculated as the 
average values of f!p at displacement ductility factors between 2 and 4 for all units, except 
for Unit 9, where fp was taken as the average value at displacement ductility factors of 2, 4, 
6,8 and 10. 
The equivalent plastic hinge lengths calculated from Eq. 3.ll at the second cycles of real 
displacement ductility peaks are shown in Figs. 3.37 to 3.43. The calculated values for f!p 
show a great deal of scatter. However, the trend is for f!p to increase with increase in ductility. 
Note that the plastic hinge rotation Bp is calculated from (CPu - cpy)fp. 
Priestley et aI. [14] when assessing the experimental results of previous column tests at 
the University of Canterbury, obtained the following empirical equation for the equivalent 
plastic hinge length: 
(3.12) 
where .e is as defined in Fig. 3.36 and db is the diameter of the longitudinal reinforcing steel. 
This expression includes the spread of yielding due to yield penetration of steel into the 
column base (taken into account by the 6db term) and due to inclined diagonal tension 
cracking (see Fig. 3.36c), since those factors were included in the measurements. The fact 
that fp is not simply representation of the distribution of curvatures due to flexure, but also 
includes the effect of bond slip and shear, makes the theoretical determination of fp difficult. 
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this reason, the theoretical values of fp did not give a good agreement to the measured 
. For Units 8 and 11 however, Eq. 3.12 gives a reasonably safe estimation of fpo The 
of fp given by Eq. 3.12 are shown on Figs. 3.37 to 3.43. 
The experimental yield displacement and curvature, I::!..y and 'Py, the measured maximum 
'Pmax, the curvature ductility factor 'Pmax/'Py, the dimensionless equivalent plastic 
length fp/h or fp/D, and the plastic rotation ()p are given in Table 3.7. 
Measured Strain Profiles 
of strain profiles, showing the measured compressive strains on the surface of the core 
and the measured tensile strains on the hoops as a result of concrete confinement, 
the succesive positive and negative loading peaks are illustrated in Figs. 3.44 to 3.50. 
concrete strains calculated from the potentiometer readings are plotted in the same way 
for the 'observed curvatures. The measured strains from the strain gauge readings on the 
are plotted at the strain gauged hoop positions and joined by straight lines. 
has been commented previously [3,4,5], that it is more appropriate to define the area 
core concrete as the area of concrete within the centre-lines of the hoops, rather than 
the outside of the hoops as recommended by the New Zealand code [2]. However, 
design purpose, the code statement is more convenient to apply. For this reason, the 
strains were calculated for the surface at the outside of the hoops. 
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As can be seen from Fig. 3.6, the electrical resistance strain gauges marked A in the square 
sections, which were placed for measuring strains mainly due to confinement of the con-
crete, were only attached to the hoops on one side of the column. When positive loading 
was applied, they gave measurements of the strains due to confinement since they were in 
the compression zone. However, when negative loading was applied, the strains due to con-
finement were smaller than those observed in the previous loading direction, since the hoops 
could now be in the tension zone. In fact, due to the high level of axial load, most of the 
column section was in compression during both loading directions. 
Figs. 3.44 to 3.50 indicate that the maximum longitudinal concrete compressive strain €cmax 
when the column flexural strength was not less than 80% of the theoretical ideal strength, 
was approximately 0.02 to 0.03 for Units 5 to 8, 0.07 for Units 10 and 11, and 0.09 for Unit 
. The measured €cmax for all column units are listed in Table 3.7. 
The tensile strains on the hoops indicated that the largest strain measured was at the second 
the third strain gauge levels, confirming that there was additional confinement provided 
by the central stub, which resulted in the smaller strain recorded at the first strain gauge 
Unit 11, comparing the confining strains in Fig. 3.50 with the lateral load-top column 
ic hinge curvature hysteresis loops shown in Fig. 3.26c, there is an obvious discrepancy. 
Fig. 3.26c, the top plastic hinge did not undergo a large rotation during the positive 
. ng. Consequently, smaller strains should be obtained. This discrepancy was due to a 
splice which existed in the spirals at the bottom plastic hinge which restrained the 
expansion of the spirals. 
electrical resistance strain gauges marked C in the square and octagonal sections (see 
3.6) were attached to measure strains mainly due to shear. However, since the neutral 
. depth changed significantly with the loads, the strains recorded there could also be 
"'F, •. uu,_uutly affected by flexure. 
measured tensile strains in the transverse reinforcement occuring mainly as a result 
shear, are shown in Figs. 3.51 to 3.57. Most of the strains are still in the elastic range 
indicate that shear was not significant in these columns which had moderate to large 
compression load levels. However, examination of Figs. 3.56 and 3.57, shows that the 
did reach the yield range in Units 10 and 11. The octagonal columns exhibited larger 
in the transverse reinforcement than the square columns. The more uniform confining 
pressure in octagonal columns means that the effect of confinement was still pronounced in 
. region where the strain gauges measuring mainly shear were attached. 
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Figure 3.51: Measured Tensile Strains in Hoops Mainly Due to Shear for Unit 5 
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Table 3.7: Measured Quantities Obtained From the Tests of Column Units 
Unit I 5 I 6 7 I 8 I 9 I 10 I 11 I 
D..y (mm) 6.15 6.25 4.75 4.50 4.35 6.30 5.03 
Hmax (kN) 580 584 589 580 608 423 403 
Mmax/MACI (1) or cPo 1.38 1.40 1.70 1.79 2.01 1.50 1.70 
€spall (10- 3 ) 12.0 6.6 10.1 11.1 7.4 10.7 9.8 
€cmax (10- 3 ) 20.8 26.4 27.9 20.8 85.6 68.2 69.9 
D..max (mm) (2) 43.7 29.6 29.3 17.3 94.0 70.6 36.3 
Drift (%) 2.42 1.64 1.62 0.96 5.22 3.92 2.02 
fp/horfp/D 0.71 0.72 0.94 0.81 0.80 0.91 0.66 
Measured at First Potentiometer Levels 
'Py (1O-3rad/m) 16.4 15.9 11.2 11.1 9.6 14.6 13.1 
'Pmax (1O-3rad/m) 79.2 68.2 52.7 56.7 244.4 74.7 194.4 
'Pmax/'Py 4.83 4.29 4.71 5.11 25.46 5.12 14.87 
fJp (1O-3rad) 17.0 13.8 10.5 13.6 54.0 18.8 35.9 
Measured at Second Potentiometer Levels 
'Py (1O-3rad/m) 7.6 5.2 5.6 4.9 3.4 7.0 6.3 
'Pm ax (10-3rad/m) 64.2 76.1 64.3 42.3 92.6 176.7 100.8 
'Pmax/'Py 8.45 14.63 11.48 8.63 27.24 25.24 16.06 
fJp (1O-3rad) 15.3 18.7 14.8 11.1 20.5 53.2 18.7 
M ACI is calculated using the code approach with measured values of f~ and fy 
Rotation of the central stub was taken into account 
The values of fp/ h or fp/ D shown were the average values calculated at displacement 
ductility peaks, using the values of'P measured at the first and second potentiometer 
levels 
fp/h for Units 5 to 9, fp/ D for Units 10 and 11. It is worth noting that Eq. 3.12 gives 
fp/ h or fp/ D=0.56 
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Comparison of the Experimental Results with The-
oretical Predictions 
General 
In the following sections, a comparison of the experimental results for the column units and 
. predictions is made. This includes the yield curvature and yield displacement, the 
lateral load-displacement hysteresis loops, the flexural enhancement factor, the maximum 
plastic rotation and curvature, and the available curvature ductility factor. The cyclic 
IlIUIU\.,UU-curvature theory [3], and the design charts for flexural strength and ductility [4] 
used to make the comparisons. The flexural strength enhancement factor is compared 
th an empirical prediction [13]. The predicted theoretical monotonic moment-curvature 
Ivll:LU'" JHO for all units are also compared with the experimental points. . 
the cyclic moment-curvature theory, cyclic stress-strain relations for the concrete and 
'tudinal steel, which take into account the enhancement of strength and ductility due 
confinement, and the effect of strain hardening and the Bauschinger effect, were adopted 
. The energy balance approach was used to predict the ultimate longitudinal compressive 
. of confined concrete, defined as the strain when the transverse reinforcement first 
This was found by equating the strain energy capacity of the transverse hoops to 
work done on the concrete, and the longitudinal steel as a result of confinement. 
computer program based on the theory [3], analyzes the load-deformation behaviour 
arbitrarily shaped reinforced concrete sections subjected to imposed deformations. A 
LOU'-HJ'lV variation of curvature along the yielded length of the member is assumed. The 
of yield penetration and deformations due to shear are also considered. Fig. 3.58 shows 
assumptions. 
/// // '/ '/ 
Elastic 
curvature 
Assumed parabolic 
distribution of 
plastic curvature 
~.~ 
3.58: Assumed Variation of Curvature Along Length and Assumed Yield Penetration 
Deformations Due to Shear in Theoretical Approach [3] 
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It should be noted that the cyclic moment-curvature theory by Mander et al. [3] was based 
on the concrete stress-strain relations obtained from confined reinforced concrete columns 
subjected to concentric axial compression. Therefore, the effect of strain gradient on the 
of confinement of concrete ke was not taken into account. It was found by 
Zahn et al. [4] that strain gradient did influence the effectiveness of confinement and a new 
formula for ke was established. Instead of using the area of effectively confined concrete, 
the first moment of area of effectively confined concrete was used in calculating ke • This 
.ra.L'-'VU,·veness of confinement was denoted as k:. The cyclic moment-curvature theory by 
Mander et al. [3] was modified by Zahn et al. [4] in that manner in order to derive the 
design charts for flexural strength and ductility. 
Yield Curvature and Yield Displacement 
The theoretical yield curvature <py was calculated by extrapolating a straight line from the 
origin (M = O,<p = 0) through the first yield curvature <p~ , to the moment at the ideal 
strength Mi [3,4]. 
(3.13) 
where <py and M~ are the curvature and moment calculated at the stage when the tension 
steel at the extreme tension fibre yields or when the strain of concrete at the extreme 
compression fibre reaches 0.002, whichever occurs first. 
The ideal strength Mi was originally defined as the strength of column calculated using the 
code [2] approach with the measured material strengths, denoted as MAGI [3]. The defini-
tion however, has been modified recently [4] to the maximum moment reached before the 
curvature exceeds five times <Py, taking into account the effects of enhancement of concrete 
compressive strength due to confinement and strain hardening of longitudinal steel. This 
later definition of Mi is denoted as MI. The yield curvature using Mf then becomes 
(3.14) 
Table 3.8 compares the experimental yield curvatures with the theoretical yield curvatures, 
calculated from Eqs. 3.13 and 3.14, respectively, and the yield displacements for all column 
units. It can be seen that the measured yield curvatures at the first potentiometer levels 
are larger than the predicted values, evidently due to the inclusion of steel slip within the 
central stub in the measurement. As mentioned previously however, the measured yield 
curvatures at the second potentiometer levels gave reasonably good agreement. Due to the 
larger ideal strength Mi defined by Zahn et al. [4], the yield curvatures predicted by Zahn 
et al. were larger than those predicted by Mander et al .. 
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Table 3.8: Experimental and Theoretical Yield Curvatures and Yield Displacements for All 
Column Units 
Unit cpy (1O-3rad/m) D..y (mm) 
Experimental Theoretical Experimental Theoretical 
1 2 3 4 3 4 
5 16.4 7.6 7.1 8.1 6.15 5.66 6.88 
6 15.9 5.2 7.1 8.4 6.25 6.27 7.36 
7 11.2 5.6 5.0 6.1 4.75 4.14 6.08 
8 11.1 4.9 5.0 6.3 4.50 4.17 6.23 
9 9.6 3.4 5.0 7.6 4.35 4.16 6.31 
10 14.6 7.0 7.7 9.5 6.30 6.34 7.85 
11 13.1 6.3 5.8 8.0 5.03 4.85 6.63 
1. Measured at the first level of potentiometers (see Fig. 3.5) 
2. Measured at the second level of potentiometers (see Fig. 3.5) 
3. Calculated by the cyclic moment-curvature theory [3], in which the ideal flexural 
strength was calculated using the code [2] approach 
4. Similar to 3, except the ideal flexural strength was defined as maximum moment 
reached before cp = 5cpy taking into account the actual material behaviour 
Lateral Load-Displacement Hysteresis Loops 
The experimental lateral load-displacement hysteresis loops for the column units are shown 
compared with the loops obtained from the cyclic moment-curvature theory [3] in Figs. 3.20b 
to 3.26b. 
In order· to compensate approximately for the effect of additional confinement provided by 
the central stub in the regions of the column adjacent to the stub, which was not considered 
in the theory, the compressive strength of confined concrete was increased by 15% in the 
analyses. This enhancement resulted in better agreement with the experimental results. 
Units 5 and 6, the shape of the experimental hysteresis loops were predicted reasonably 
by the theory. The predicted compresive stress in the longitudinal reinforcement was 
very significant at the end of the analysis, indicating that buckling of the longitudinal 
did not occur. On the other hand, the strain energy capacity of the hoops was violated, 
some of the hoops fractured. The tests however, exhibited buckling of longitudinal bars 
the end of testing. 
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The theoretical hysteresis loops for Units 7 and 8 over-estimated the available ductility in 
the columns observed in the tests. The analysis predicted that the strength and ductility of 
the columns would still be maintained after completing Jln = 3. The column units however, 
failed at this stage of testing. 
Very good agreement between the experiment and theory was shown by the hysteresis loops 
fOf Unit 9. The excellent performance exhibited by Unit 9 after completing two cycles at a 
nominal displacement ductility factor of 10, was very well predicted by the theory. 
Fracture of some spirals in Unit 10, which was observed during the excursion to the first 
cycle of Jln = 6, was also shown in the analysis. However, the fracture was predicted at an 
earlier stage during the excursion to the first cycle of Jln = 4. 
The hysteresis loops for Unit 11 given by the cyclic moment-curvature theory agreed rea-
sonably well with the loops measured during the test. However, the theory predicted spiral 
fracture, whereas the buckling of longitudinal bars was observed at the end of the test. 
3.9.4 Flexural Strength Enhancement Factor 
Table 3.9 compares the flexural strength enhancement factors Mmax/ MACI for all column 
units, where Mmax is the maximum moment obtained experimentally, or theoretically using 
the cyclic moment-curvature theory [3], and MAcI is the ideal flexural strength of column 
calculated using the code [2] approach with the measured material strengths. 
It was found that except for Unit 9, the strength enhancement factors given by the cyclic 
'moment-curvature theory were generally less than those observed during the tests, indicating 
that the enhancement of concrete strength due to confinement was higher than predicted. 
If the effect of strain gradient was taken into account [4], less effectiveness of confinement 
would be obtained, which would result in even smaller strength enhancement. 
Table 3.9: Flexural Strength Enhancement Factors for Column Units 
Unit MAcI Mmax/ MACI or 10 
(kNm) From Experiment From Theory From Empirical Eq. 3.15 
5 381 1.38 1.26 1.51 
,6 376 1.40 1.23 1.51 
7 304 1.70 1.62 1.98 
8 293 1.79 1.56 1.98 
9 298 2.01 2.05 1.98 
10 259 1.50 1.26 1.51 
11 214 1.70 1.62 1.98 
In Table 3.9, the Mmax/MACI ratios given by the empirical formula for flexural strength 
enhancement proposed by Ang et al [13] are also listed. The formula was derived from the 
test results of the reinforced concrete columns at the University of Canterbury in recent 
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years. The flexural strength enhancement of the columns plotted by Ang et al. to derive 
the equation is shown in Fig. 3.59. It is evident that the strength enhancement increases 
with the axial compression. The solid line indicates the average enhancement as expressed 
by Eq. 3.15. It was found that most results lie within the shaded area, which represents a 
variation of ± 15% from the average enhancement. The enhancement factors for Units 5 to 
11 shown in Fig. 3.59 also lie within the shaded area, indicating that the formula gives a 
reasonable estimation of the flexural strength enhancement. The formula proposed by Ang 
et al. [14] is: 
ForPe/(<Pf~Ag) < 0.1: MMmax _ 
ACI 
ForPe/(<Pf~Ag) ~ 0.1: Mmax _ 
MACI 
1.13 
( Pe )2 1.13 + 2.35 <pf~Ag - 0.1 
• Previous tests 
o Current tests 
AXIAL LOAD RATIO I Pe /<1> fcAg 
Figure 3.59: Flexural Strength Enhancement Factors of Column Units 
(3.15) 
Maximum Plastic Rotation and Curvature, and Available 
Curvature Ductility Factor 
The experimentally measured maximum plastic rotations Op, maximum curvatures c.pmax, and 
curvature ductility factors c.pmax/c.py for the column units are compared with the ultimate 
theoretical values obtained from the cyclic moment-curvature theory [3] in Table 3.10. 
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Table 3.10: Comparison of Experimental and Theoretical Maximum Plastic Rotations Bp, 
um Curvatures 'Pmax, and Curvature Ductility Factors 'Pmax/'Py of Column Units 
Bp (l0-3rad) 'Pmax (1O-3rad/m) 'Pmax/'Py 
Unit Experiment Theory Experiment Theory Experiment Theory 
1 2 3 1 2 3 1 2 3 
5 17.0 15.3 14.6 79.2 64.2 72.0 4.83 8.45 10.14 
6 13.8 18.7 11.2 68.2 76.1 57.1 4.29 14.63 8.04 
7 10.5 14.8 9.3 52.7 64.3 46.9 4.71 11.48 9.38 
8 13.6 11.1 7.3 56.7 42.3 37.5 5.11 8.63 7.65 
9 54.0 20.5 16.4 244.4 92.6 78.2 25.46 27.24 15.64 
10 18.8 53.2 10.0 74.7 176.7 52.2 5.12 25.24 6.78 
11 35.9 18.7 7.6 194.4 100.8 39.9 14.87 16.06 6.88 
1. Measured at the first level of potentiometers (see Fig. 3.5) 
2. Measured at the second level of potentiometers (see Fig. 3.5) 
3. Calculated by the cyclic moment-curvature theory [3]. It is worth noting that for Unit 
9, the theoretical values were the maximum values when the analysis was terminated, 
the ultimate values would have been higher 
theoretical ultimate curvature was defined as the smallest of the following: 
• When the moment reduced to 80% of the ideal flexural strength, or 
• When the transverse reinforcement first fractured, or 
• When the longitudinal reinforcement first fractured. 
for Unit 9, the governing limitation for the ultimate curvature was fracture of trans-
reinforcement. 
the experimental test of Unit 9 was terminated when a nominal displacement ductility 
of 10 was obtained, the analysis was also terminated at the same stage, although no 
... u.< .. ~n.'u in strength was detected. Thus, the maximum plastic rotations and curvatures 
·~u ... '-' ... from the theoretical and the experimental results were not the ultimate values for 
theory predicted the maximum curvatures for Units 5 to 8 reasonably well. The pre-
maximum curvatures for the other units were less than the experimentally measured 
indicating that the column units exhibited better performance than expected. 
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For most of the units, the theoretical curvature ductility factors lie between the experimental 
values measured at the first and second levels of potentiometers, except for Units 9 and 11, 
where the theoretical values were smaller than the experimental values. 
The theoretical plastic rotations available in the column units, calculated from (<Pu - <py).ep 
were less than the measured values. This is due to the smaller ultimate curvatures predicted 
by the theory. Also, the theoretical .ep of 0.56h, calculated from Eq. 3.12 as recommended 
by Priestley et aI. [14], was smaller than the experimental .ep • 
Probably, the most important comparisons in Table 3.10 are of the experimental and the-
oretical available plastic rotations, 8p • It is to be noted that the ductility of a structure is 
dependent on the available plastic hinge rotation. The emphasis on curvatures has been 
because designers prefer to consider the behaviour of sections of members. It is of interest 
to note that the theoretical 8p in Table 3.10 is always on the safe side. 
Theoretical Monotonic Moment-Curvature Relations 
The theoretical monotonic moment-curvature relations for all column units are compared 
with the experimental points in Figs. 3.60 to 3.66. The experimental points were measured 
at the first and second potentiometer levels at both the positive and negative directions. It 
is known that the monotonic moment-curvature relations of columns generally give an upper 
bound to the envelopes of cyclic performance. 
Figs. 3.60 to 3.66 indicate that larger curvatures were achieved during monotonic loading 
than in the cyclic loading. This is because in cyclic moment-curvature analyses, the most 
common criterion governing the behaviour of the columns was the fracture of transverse 
reinforcement. In monotonic moment-curvature analyses however, this criterion is less likely 
to occur, since the transverse bars do not experience the accumulation of deformations as 
when subjected to cyclic loading. Nevertheless, the measured flexural strengths observed in 
the column units were generally larger than those predicted by the theory. 
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From the comparisons shown above, it is evident that although in some cases the theory 
under-estimated the experimental results, in general the theory is conservative. 
3.10 Discussions of the Length of Confined Region of 
Column 
3.10.1 New Zealand Code Recommended Length of Confined Re-
gions of Columns 
It is known that a sufficient length of column in plastic hinge regions needs to be adequately 
confined to ensure that the change of column flexural strength from the fully to nominal 
confined regions does not lead to failure of the column outside the confined region [7,8,14]. 
The current New Zealand concrete design code [2] specifies the length of confined regions of 
a column as follows: 
• When Pel (<p f~Ag) :s; 0.3, not less than the larger of the longer cross section dimension 
in the case of a rectangular section, or the diameter in the case of a circular section, 
or where the moment exceeds 0.8 of the maximum moment at the critical section 
It When Pe/(<Pf~Ag) > 0.3, not less than the larger of 1.5 times the longer cross section 
dimension in the case of a rectangular section, or 1.5 times the diameter in the case of 
a circular section, or where the moment exceeds 0.7 of the maximum moment at the 
critical section 
The above requirements were determined from the assessment of test results [7,8]. The code 
indicates that the length increases with the axial load levels, due to the greater increase 
in flexural strength of the confined region which could lead to failure in the less confined 
adjacent region in columns with large axial compression. The bending moment used to 
determine the required length of confinement can be based on the assumption of a linear 
diagram with maximum moment at one end of the column and zero moment at the other 
end of the column in a storey. This conservative moment diagram was to take into account 
the effect of higher modes of vibration in a tall frame, which results in difficulty in predicting 
the bending moment diagram accurately. 
Estimation of the Length of Co~fined Region Based on the 
Experimental Results 
A great number of columns and piles have been tested at the University of Canterbury 
with the confined length as recommended by the code [2]. They consists of both solid 
[7,8,41,42,43,9,4,44,5], and hollow sections [3,4,45]. 
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As mentioned previously however, the test of Unit 7 with axial compression of Pe = O. 7 f~Ag, 
exhibited a region of damage up to 3 times column lateral dimension h, which is larger than 
the code [2] recommended region of 1.5h. This indicated that the length of confined regions 
specified by the current code needs to be re-evaluated. 
The required length of the confined regions can be examined using an approach, which 
considers the ratio of the enhancement of column flexural strength, due to concrete confine-
ment and strain hardening of longitudinal reinforcement, to the code ideal flexural strength. 
Fig. 3.67 shows the assumed bending moment diagram of a column due to imposed lateral 
loads on the structure, and the flexural strengths of the confined and nominally confined 
regions of the column. To compensate for the effects of the spread of yielding due to possible 
diagonal tension cracking, the moment diagram is spread by h/2 (or D /2) along the member, 
where h=column depth ( D=column diameter). The length of the region, which needs to be 
confined, can be estimated as follows. At the base, the column reaches its flexural strength 
with confinement. Outside the confined region, the code [2] calculated flexural strength is 
applicable. The portion of the column that needs to be confined can then be calculated from 
Eq.3.16: 
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Figure 3.67: Typical Bending Moment and Flexural Strength of Column 
Ie = i(1 _ MAGI) + ~h 
2 A1i 2 
(3.16) 
Fig. 3.68 shows the relation of the level of column axial compression to the length of confined 
region Ie calculated using Eq. 3.16 for all the columns tests conducted at the University of 
Canterbury [7,8,41,42,43,9,4,44,5,3,4,45]. The code [2] recommendation is plotted as well. 
It is also obvious that the length Ie should increase with the axial load level. The other 
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parameters, such as the aspect ratio and the section type of the columns were found not 
to have a significant effect. The code recommended length was found to be insufficient for 
many columns, particularly for columns with large axial compression. 
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A value for le which gives a safe length for most columns is: 
(3.17) 
This gives values of Ie = h, and 3h for Pe/(4)f~Ag) = 0 and 0.7, respectively. It is recom-
mended that Eq. 3.17 be used in design. 
3.11 Concluding Remarks 
From the performance of the seven column units tested under combined cyclic flexure and 
constant axial load, the following conclusions can be drawn: 
1. Column Units 5 and 6 with 400 mm square cross section, and column Unit 10 with 400 
mm octagonal cross section, were subjected to axial compression of Pe = 0.5f~Ag. The 
units which contained 38%, 19% and 44% of the confining reinforcement recommended 
by NZS 3101 [2] for ductile detailing, achieved real displacement ductility factors of 
/-lr=6.7, 5.4 and 9.8, respectively. Buckling oflongitudinal bars occurred at the end of 
testing Units 5 and 6, and fracture of some spirals has terminated the test of Unit 10. 
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2. Column Units 7, 8, 9 with 400 mm square cross section, and column Unit 11 with 
400 mm octagonal cross section, were subjected to an axial load level of Pe = O. 7 f~Ag. 
Units 7 and 8, which contained 48% and 34% of the code [2] recommended quantity 
of confining reinforcement for ductile detailing, achieved flr=6.3 and 4.0, respectively. 
Due to the large spacing of transverse reinforcement outside the plastic hinge regions, 
the hoops of Unit 7 were not capable of maintaining the strength of the column in this 
region. A damaged region of up to 1200 mm from the central stub was observed at 
the end of testing. Buckling of longitudinal bars in the plastic hinge region resulted 
in the termination of the test of Unit 8. Unit 9 which was designed to achieve ductile 
behaviour in accordance with design charts [4] and contained 93% of the code [2] 
recommended quantity of confining reinforcement for ductile detailing, demonstrated 
excellent performance. No significant degradation of strength was detected when the 
test was ended after completing cycles up to a nominal displacement ductility factor of 
10. On the other hand, Unit 11, which contained 77% of the code quantity of confining 
reinforcement for ductile detailing, did not perform in a ductile manner. Buckling of 
longitudinal bars terminated the test of Unit 11. 
3. Column Units 10 and 11 with octagonal cross sections, achieved lower stiffness and 
flexural strength than column Units 5 to 9 which had square cross sections, although 
they contained the same areas of longitudinal reinforcement. This was to be expected 
due to the shape of the concrete cross sections of the columns. 
4. Comparisons of the experimental results and the theoretical predictions indicated that 
the refined cyclic moment-curvature theory and the design charts for ductility give 
sufficiently accurate and yet conservative predictions. This was more confirmed by 
the test results of Units 9 and 11. As mentioned in (2) above, Unit 9 with square 
cross section, and 93% of the code [2] recommended quantity of transverse confining 
reinforcement for ductile detailing, demonstrated ductile behaviour. Unit 11 with 
octagonal cross section, and 77% of the code recommended quantity of transverse 
reinforcement for ductile detailing, demonstrated limited ductile behaviour. These 
quantities were 70% and 44% of the quantities needed to achieve a curvature ductility 
factor of 20 according to the design charts for ductility [4]. It is evident that the design 
charts for ductility gives a more satisfactory prediction of the behaviour of columns, 
and therefore can be used to derive a refined design equation for the quantities of 
confining reinforcement in the potential plastic hinge region of a column. 
5. The region of damage observed in Unit 7 indicated that the length of potential plastic 
hinge region to be confined for a column with very high axial compression, specified by 
the current code [2] as 1.5h, is unconservative. For this type of column, the confined 
region needs to be extended to prevent failure of the column in the nominally confined 
region outside the code specified plastic hinge region. Based on the data obtained from 
the experiments, a recommendation for the length of the confined region is proposed 
as follows: 
which gives values of Ie = h, and 3h for Pe/(¢>f~Ag) = 0 and 0.7, respectively. 
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Chapter 4 
ANALYTICAL INVESTIGATION 
OF THE FLEXURAL DUCTILITY 
OF REINFORED CONCRETE 
COLUMNS LEADING TO A 
DESIGN EQUATION FOR THE 
QUA TITlES OF CO FI I G 
REINFORCEME T 
4.1 Introduction 
Zahn et dz. [4] have conducted an analytical investigation of the quantities of confining rein-
forcement currently recommended by the New Zealand concrete design code NZS 3101:1982 
[2] and found that the equations are unnecessarily conservative for columns with low to 
moderate axial compression. 
Tests on columns conducted by Soesianawati et al. [5] have also shown that to achieve 
ductile behaviour wheR the axial load level is moderately small, the quantities of confining 
reinforcement specified by the code [2] can be substantially reduced. In those tests, two 
columns with square cross sections, with axial load levels of O.lf~Ag and 0.3f~Ag, containing 
about one-half of the code recommended quantities, were found to perform in a ductile 
manner. 
The analytical investigation by Zahn et ai. [4] also indicated that the code equations may 
be unconservative when the axial load level is high. Due to a larger neutral axis depth, the 
internal forces providing the moment of resistance depend more strongly on the contribution 
of concrete which must be more effectively confined. 
It is evident, that the NZS 3101 [2] equations for the quantities of confining reinforcement 
need to be related more strongly to the level of axial compression loads. 
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Based on the design charts for ductility by Zahn et al. [4], an analytical investigation was 
carried out to derive a refined design equation for the quantities of confining reinforcement 
req'\lired in the potential plastic hinge regions of columns. 
4.2 Parameters Investigated 
It is widely known that the quantity of confining reinforcement provided in the potential 
plastic hinge regions of columns has a significant effect on the available curvature ductility 
factors of columns. 
The concrete design code NZS 3101:1982 [2] specifies quantities of confining reinforcement 
in potential plastic hinge regions which are intended to ensure that columns have adequate 
ductility. A commonly quoted criterion for adequate ductility of columns is the ability to 
sustain a curvature ductility factor <Pu/ <py of approximately 20. This order of curvature 
ductility should enable the plastic hinges at the bases of columns of multi storey moment-
resisting ductile frames to develop beam sidesway mechanisms, and in the columns of one 
and two storey moment-resisting ductile frames developing column sidesway mechanisms, 
to undergo sufficient plastic rotation for frames to reach a displacement ductility factor of 
4 to 6, as is implied by the level of seismic design loading for ductile structures specified by 
NZS 4203:1984 [30]. 
In this study, at the potential plastic hinge regions, a curvature ductility factor of <Pu/<py=20 
is considered to be necessary for columns of ductile frames, and <Pu/<py=lO is considered for 
columns of frames where limited ductility, as defined by NZS 4203 would be sufficient. 
A full range of parameters which has a significant influence on the available curvature duc-
tility factors of columns was examined. These included the axial load ratio Pe/(f~Ag), the 
concrete compressive strength f~, the mechanical reinforcing ratio Ptm and the cover ratio 
c/h for square and rectangular columns, or c/ D for circular columns, where c=concrete 
cover thickness. The range of the parameters considered is shown in Table 4.1. 
The range of axial load levels of columns investigated was 0.2 to 0.7f~Ag. For the axial 
load levels less than 0.2f~Ag, most of the charts indicate no apparent limit to the curvature 
ductility factors available in columns, since for lightly loaded columns, the role of confining 
reinforcement to increase the available curvature ductility of columns is insignificant. Trans-
verse reinforcement to' prevent buckling of compression steel and to provide shear resistance 
is a more critical consideration. 
The concrete compressive strengths of 20, 30 and 40 MPa were investigated. These strengths 
of concrete are widely used in design. 
According to the concrete design code [2], the lower and upper limits of the ratio of area 
of longitudinal reinforcement Pt = Ast/ Ag are of 0.008 and 0.06, respectively. For yield 
strengths of longitudinal reinforcement of fy=275 and 380 MPa and for concrete compressive 
strengths of f~=20 and 40 MPa, the lower and upper limits of the mechanical reinforcing 
ratio Ptm are 0.065 and 1.34, respectively, where m = fy/0.85f~. 
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Table 4.1: Parameters Investigated in the Derivation of a Refined Design Equation for the 
Quantities of Confining Reinforcement Required in Columns 
Description Range Investigated 
Pe/(f~Ag) Axial Load Ratio 0.2 to 0.7 
f~ Concrete Compressive Strength 20 to 40 MPa 
Pt m Mechanical Reinforcing Ratio 0.1 to 0.4 
c/h Cover Ratio 0.02 to 0.08 for 
square and 
or rectangular columns 
c/D 0.06 for 
circular columns 
The range of Ptm investigated was 0.1 to 0.4. In some cases, for columns with Ptm less than 
0.1, a huge amount of confining reinforcement must be provided in the potential plastic hinge 
regions to achieve adequate ductility, since the ductility of columns depends significantly on 
the concrete which has brittle characteristics unless the concrete is well confined by closely 
spaced transverse reinforcement. When the value of Ptm of a column is very high, steel 
congestion problems may arise, and a bigger size of column is preferred to reduce the value 
of Ptm. Moreover, the ductility of columns with large Ptm depends more on the longitudinal 
reinforcement provided and thus the role of confining reinforcement is not as critical as for 
columns with smaller values of Ptm. Hence, it was decided to investigate only the range of 
Ptm listed in Table 4.1. 
The minimum concrete cover thickness required by the code [2] for ties, stirrups and spirals 
in beams and columns is 40 mm when the concrete is cast against and permanently exposed 
to weather, or 25 mm when the concrete is not exposed to weather. Also, the most commonly 
used section depth (or diameter) of columns in design is between 350 and 1500 mm. Thus, the 
range of the lower and upper limits of the cover ratio is 0.017 to 0.11. In this investigation, 
cover ratio c/ h of 0.02, 0.06 and 0.08 were examined for square and rectangular columns. 
It was shown previously [4] that for square columns with c/h of 0.1, the flexural strength 
reduced quite markedly; when the compressive strain of concrete at the extreme fibre reached 
the assumed spalling strain of 0.005. 
Since the design charts for circular columns were only available for a cover ratio of c/ D = 
0.06, only this cover ratio was considered for circular columns in this investigation. However, 
it was found that a smaller cover ratio resulted in larger available CPu/ cpy. 
The yield strength of the longitudinal reinforcement in the investigation was held constant 
at 275 MPa. It was shown in the previous studies [4,45] that a change in the yield strength 
of the longitudinal reinforcement fy was found to have an insignificant effect on the available 
curvature ductility factor of columns providing that the shape of the stress-strain curves was 
similar. That is, providing that the longitudinal steel has the same values for the ratios of 
1811./ f y , €sh/€y and the same value for €su (see Fig. 4.1). The currently used New Zealand 
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Grade 380 steel has quite a different shape of stress-strain curve from that of Grade 275 
steel (see Fig. 4.2). However, as illustrated in Fig. 4.3, the new micro-alloy Grade 380 
steel manufactured in New Zealand does have a similar shape of stress-strain curve, and 
approximately the same ratios for fsu/ f y, €sh/€y as Grade 275 steel [46]. 
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Figure 4.2: Typical Stress-Strain Curves for Grades 275 and 380 Reinforcing Steel 
It was also shown [4] that the stress-strain curves for concrete confined by Grades 380 
and 275 spirals are almost identical providing that the ratio of confining stress to concrete 
strength fr/ feo and the spiral pitch Sh are similar. The earlier strain hardening of Grade 
380 steel was found to have no significant effects on the stress-strain curves of confined 
concrete. That is, the yield force of the confining reinforcement is the most important 
parameter, and variation in the yield strength but with constant yield force will not change 
the effectiveness of confinement. Hence, the greater the yield strength, the smaller the 
quantity of confining reinforcement required. However, because a smaller volume of Grade 
380 confining reinforcement can be used to provide the required confining stress, Grade 380 
hoops or spirals are likely to fracture earlier than when using a larger volume of Grade 
275 reinforcement. In this study, the yield strength of the confining reinforcement was held 
constant at 275 MPa. 
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Figure 4.3: Typical Stress-Strain Curves for Grades 275 and Micro-Alloy 380 Reinforcing 
Steel 
Fig. 4.4 shows the types of section investigated. These are circular, square, and rectangular 
sections with an aspect ratio of 1.5 and bending about both axes. Sets of overlapping hoops 
as shown in Fig. 4.4 were used as confining reinforcement for the square and rectangular 
sections. It has been demonstrated [14] that these hoop arrangements are more efficient 
than sets of overlapping rectangular hoops. 
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Figure 4.4: Types of Section Investigated 
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4.3 Design Charts for Ductility 
4.3.1 Background 
The New Zealand concrete design code NZS 3101:1982 [2] specifies that the volumetric 
ratio of confining reinforcement required in the potential plastic hinge regions of columns in 
seismic design should be not less than 
( f~ )( Pe ) ps = q -f 0.5 + 1.25 "'I' A 
yh ~ c 9 
( 4.1) 
where q = 0.12 or 0.3k(Ag/Ac - 1), whichever is greater. 
For rectangular hoop reinforcement with or without supplementary cross ties, ps = Ash/(Shh") 
and k = 1.0. For spiral or circular hoop reinforcement, ps = 4Ab/(Shd) and k = 1.5. The 
notation in Eq. 4.1 is defined as follows: Ash is total effective area of hoop bars in the 
direction under consideration, Ab is area of spiral or circular hoop, Sh is centre-to-centre 
spacing of hoop sets, h" or d is dimension or diameter of core concrete measured to the 
outside of perimeter hoops or spirals, Ag is gross area of column cross section, Ac is area of 
concrete core of section measured perpendicular to the direction under consideration, and 
to the outside of peripheral hoop, f~ is concrete compressive strength, fyh is yield strength 
of hoops or spirals, Pe is axial compressive load due to design gravity and seismic loading 
and <p is strength reduction factor. 
As mentioned previously, the code [2] equations for confining reinforcement, which were 
derived from theoretical monotonic moment-curvature analyses for a range of column cross 
sections with different axial load compression, is aimed at ensuring an available curvature 
ductility factor of at least 20 [14]. However, laboratory tests and recent theoretical studies 
conducted at the University of Canterbury (see for example Refs. [14,3,4]), have shown that 
column'S subjected to high axial compression loads and cyclic flexure may undergo a deteri-
oration of flexural strength. The theoretical work has greatly improved the understanding 
of the interaction between the confining reinforcement and the confined core concrete. In 
particular, the refined cyclic stress-strain models developed by Mander et al. [3], for steel 
and confined concrete, have provided an accurate basis to model analytically the behaviour 
of columns during cyclic flexure. 
In addition, Mander et al. [3] have proposed an energy balance approach to predict the stage 
of hoop or spiral bar fracture. The approach reflects the principle that the lateral expansion 
of core concrete at large compression strains is passively resisted by confining reinforcement, 
which has to follow that expansion, thus absorbing strain energy. The increase in the strain 
energy capacity of compressed concrete due to confinement is equivalent to the strain energy 
stored by the confining reinforcement as it yields in tension. Hoop or spiral fracture occurs 
when the strain energy stored in the compressed concrete, plus the additional strain energy 
required to yield the longitudinal reinforcement in compression, is equal to the strain energy 
capacity of the confining reinforcement. 
The strain energy of concrete is equal to the difference in area between the stress-strain curves 
for confined and unconfined concrete up to the longitudinal strain at first hoop fracture (see 
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the shaded area in Fig. 4.5) multiplied by the volume of confined concrete. The strain 
energy of the longitudinal reinforcement is equal to the area under the compression stress-
strain curve of that steel up to the longitudinal strain at first hoop fracture, multiplied by the 
volume of that steel. The strain energy capacity of the confining reinforcement is equal to the 
area under the stress-strain curve of the confining steel up to the fracture strain multiplied 
by the volume of that steel confining the concrete. If the strain energy accumulated in a 
hoop or spiral bar over a number of curvature cycles in the inelastic range has reached the 
strain energy absorption capacity of the transverse reinforcement, causing it to fracture, the 
section may be considered to be at an ultimate limit state, since the concrete is no longer 
effectively confined. The longitudinal strain of concrete at this stage can be considered to 
be the ultimate strain. 
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Figure 4.5: Typical Compressive Stress-Strain Curves for Confined and Unconfined Concrete 
It is evi<lent that the possible reduction in the flexural strength of columns during cyclic 
flexure, and the possible fracture of confining reinforcement due to an accumulation of strain 
energy as a result of cyclic loading, may have a major effect on the available curvature 
ductility of a column. Therefore, it was considered necessary to derive design charts from 
cyclic moment-curvature analyses rather than from monotonic moment-curvature analyses. 
A computer program developed by Mander et al. [3], which takes these effects into account 
was modified to include a set of criteria to determine whether the section is at an ultimate 
limit state. 
4.3.2 Assumptions and Definitions Used in the Design Charts for 
Ductility 
For the preparation of the design charts [4,47], some assumptions and definitions have been 
made. These are described in the following sections. 
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Curvature History and Available Ultimate Curvature 
It has been observed that the available ductility of a member depends on the imposed cur-
vature history. The ultimate curvature resulting from monotonic flexure will be greater 
than that resulted from cyclic flexure with full reversals. It is therefore necessary to define 
a suitable standard curvature history to measure the available curvature ductility of a col-
umn. Moment-curvature analysis which shows a relation between the quantity of confining 
reinforcement and the available curvature ductility must then follow the standard curvature 
history. Cyclic stress-strain models for concrete and steel must also be incorporated in the 
analysis. 
A sequence of four identical cycles of imposed bending moment, to curvatures of equal 
magnitude in both positive and negative directions, was adopted [4] as a standard by which 
the available curvature ductility factor of a column section is measured. The section is 
considered to have achieved its ultimate curvature when one or more of the following ultimate 
limit state conditions is reached: 
• The moment reached at either positive or negative curvature peak of the last cycle has 
reduced to 0.8 Mil where Mi is the ideal flexural strength of the section (see Fig. 4.6) 
• The strain energy accumulated in the confining reinforcement at the end of the fourth 
cycle is equal to its strain energy absorption capacity and it fractures (see Fig. 4.7) 
• The longitudinal reinforcing steel fractures or buckles 
Cover at left 
face spoils 
Cover at right 
foce spoils 
Figure 4.6: Theoretical Cyclic Moment-Curvature Relation of a Column where Moment 
Deterioration Governs the Available Ultimate Curvature 
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The peak curvature when one or both of the above conditions applies is defined as the 
available ultimate curvature, CPU' 
The criterion of four loading cycles to a particular ductility level without the flexural capacity 
reducing by more than 20% is similar to that stated in the NZS 4203:1984 [30]. 
Before commencing the analysis, it is not known whether four cycles to a particular curvature 
peak, CPpeak, will produce the ultimate limit state as defined above. The available ultimate 
curvature has to be determined by an iterative process. The section is analysed for the 
standard sequence of four cycles to the first estimate of CPpeak. If the ultimate limit conditions 
are not satisfied, the entire cyclic analysis is repeated with an improved estimation of cppeak 
until one or more of the ultimate limit state conditions is reached, indicating that the final 
value of CPpeak is equal to the available ultimate curvature, CPU' 
In conducting this analysis, no explicit limitations were imposed on the longitudinal steel 
strains. It was found from the tests [4] that at the levels of ultimate curvature required in 
design, fracture of longitudinal bars in tension did not occur. Also, premature buckling of 
the bars in compression can be suppressed by ensuring that the transverse reinforcement 
provided in the potential plastic hinge regions of columns satisfies the code [2] requirements 
for stability of longitudinal compression bars (that is, a spacing not greater than six times 
longitudinal bar diameter), and for restraint of longitudinal bars (that is a tie force not less 
than one sixteenth of the force in the compressed longitudinal bar being tied, at 100 mm 
centres ). 
Yield Curvature, Yield Moment and Ideal Moment 
As defined in Chapter 3 (refer to Section 3.9.2), the yield curvature is obtained by extrap-
olating a straight line joining the origin with the point (cpy' ,My'), as shown in Fig. 4.8. 
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Hence 
(4.2) 
where CP~ and M~ are the curvature and the corresponding moment calculated at the stage 
when the steel at the extreme tensile fibre of the section reaches yield or when the concrete 
compressive strain at the extreme fibre reaches 0.002, whichever occurs first. This definition 
of first yield was preferred to that when the steel first yields only. In columns with high 
axial compression loads, the tension steel will normally not yield until the section has lost a 
considerable amount of flexural stiffness. The curvature corresponding to when the concrete 
compressive strain at the extreme fibre reaches 0.002 in columns with high axial compression 
loads is equivalent to the curvature corresponding to first yield of the tension steel in columns 
with low axial compression loads. 
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Figure 4.8: Definitions of Yield Curvature Cpy, Yield Moment M~, and Ideal Moment Mi 
The ideal moment Mi is defined as the maximum moment reached in the initial (positive) 
half cycle before the section curvature exceeds five times the yield curvature. This means 
that any strength enhancement of concrete due to confinement is taken into account in 
the calculation of M i , but strain hardening of longitudinal reinforcement has not usually 
commenced at that stage. 
Material Properties Assumed for Concrete 
For columns, the compressive strength of unconfined concrete f~o loaded at a quasi-static 
strain rate is assumed to be equal to 0.85f~ and its corresponding strain feo is taken as 0.002. 
The initial tangent modulus Ee is equal to 5000.fif (MPa). 
The cover concrete is assumed to cease carrying load once the compressive strain has ex-
ceeded the assumed spalling strain of 0.005. 
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The tensile strength of concrete is neglected once the modulus of rupture of concrete of 
If == 0.6fii (MPa) has been exceeded. 
The cyclic stress-strain model proposed by Mander et al. [3] for confined and unconfined 
concrete is used (see Fig. 4.5). The monotonic stress-strain curve is given by 
r -1 + XT (4.3) 
in which 
x ( 4.4) 
r (4.5) 
- 5000[ii (4.6) 
(4.7) 
where I:e and fcc are the maximum strength and the corresponding strain of confined con-
crete, and have to be determined. 
As indicated by Mander et al. [3], the most significant parameter affecting the shape of 
confined concrete stress-strain curve is the effective confining stress If provided by confining 
reinforcement. The efficiency of the various possible arrangements of transverse reinforce-
ment was taken into account by defining a confinement effectiveness coefficient ke . Mander 
et al. determined the value of ke for various section shapes with various confining steel 
configurations as follows: 
For sections confined by circular hoops : 
(1 - 0.58'/ de )2 
1- Pee 
For sections confined by spirals : 
1- 0.58'/de 
1- pee 
(4.8) 
(4.9) 
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For rectangular sections : 
n ,2 
(1 - 0.5s' /be)(l - 0.5s' / he)(l - I: :ih ) i=l 6 e e 
1- Pee 
(4.10) 
where s' is the clear spacing between hoop sets or spiral bars, wi is the clear spacing between 
longitudinal bars supported by the corner of a hoop or by a cross tie, de is the core diameter 
of a section confined by a circular hoop or spiral, be and he are the core dimensions of a 
rectangular section, and Pee is the volumetric ratio of the longitudinal steel with respect to the 
confined core concrete. All core dimensions are measured to the centre-line of the perimeter 
hoop or spiral. The counter n in Eq. 4.10 is the number of arches between longitudinal 
bars in the plane of a rectangular section, and is equal to the number of longitudinal bars 
(or bundles of bars) supported by the corner of a hoop or by a cross tie. The notation is 
illustrated in Fig. 4.9. 
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Figure 4.9: Confined Core Concrete of Column Sections 
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To determine the enhancement of concrete compressive strength due to the effective confining 
stress ff, Mander et al. [3] evaluated an ultimate strength surface given by a model suggested 
by Willam and Warnke [48]. This model predicts the ultimate strength surface of concrete in 
triaxial compression with unequal lateral confining pressures. The results of the calculations 
are conveniently presented diagrammatically in Fig. 4.10, which can be used to read off the 
value of kcc = f~c/ f~o for any set of dimensionless confining stresses ffx/ f~o and fly/ f~o in 
two perpendicular directions of a rectangular section. It is worth noting that in the figure, 
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Figure 4.10: Determination of the Strength of Confined Concrete from the Effective Con-
fining Stresses 
For equal effective confining stresses in both directions, that is f{x = ffy = ff, as in the case 
of circular sections confined by spirals or circular hoops, or most square sections, Fig. 4.10 
contains a curve which is explicitly described as follows: 
f~c _ -1.254 + 2.254 1 + 7.94 fl _ 2.0 ff 
f~o f~o f~o 
(4.11) 
It was shown [4] that Eq. 4.11 gives a good approximation for cases where ffx =1= fry by 
substituting ff = !Ufx + fly), providing that the ratio of flx/ ffy is between 0.4 and 2.5. 
The radial confining stress fl and the transverse confining stresses in x and y directions, fix 
and fly are calculated as in Fig. 4.11. Then the effective confining stresses are given by: 
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For circular sections: 
(4.12) 
where Pa is volumetric ratio of spiral or circular hoop to confined concrete=4Ab/(shdc), and 
fyh is yield strength of confining reinforcement. 
For rectangular sections: 
( 4.13) 
( 4.14) 
where Pax and Pay are the volumetric ratios of effective confining reinforcement in x and y 
directions, and are calculated as follows: 
Asx 
pax --
shhc 
( 4.15) 
Pay -
Asy 
Shbc 
(4.16) 
where Asx and Asy are the effective areas of x-direction and y-direction transverse bars, 
respectively (see Fig. 4.9c). 
4Ab f.yh f.e = ---"--
shbc 
(a) 
3.41 Abf.yh fe.= ---!.-
Shbc 
(b) 
de 
2Abf.yh f.( = --00:.....:.-
Shdc 
(e) 
Figure 4.11: Confining Stresses Provided by Different Arrangements of Transverse Rein-
forcement 
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Once kee has been determined, the value of fee can be obtained from the following expression: 
fec = feo(l + R(kcc - 1)) ( 4.17) 
where R = (fee - feo) / (J~e - f~o) is the ratio of strain increase to stress increase at the peak 
strength of confined concrete, due to confinement and is assumed to be 5. 
It should be noted that the value of R = 5 was calibrated from the experimental results of 
concentrically loaded specimens. When only a part of section is in compression, Zahn et al. 
[4] suggested that a smaller value of R (say R = 3) would be more appropriate. 
Alternatively, instead of using a smaller value for the parameter R to allow for the smaller 
efficiency of confining reinforcement when a strain gradient exists, Zahn et al. [4] considered 
that it would be more logical to refine the definition of the efficiency factor ke, from that 
defined by Mander et al. [3]. 
The parameters examined in this study, which are expected to have an influence on the effi-
ciency of a particular arrangement of confining reinforcement, were similar to those examined 
previously [3], namely: 
Gil The form of confining reinforcement, i.e. spirals, circular hoops, or sets of rectangular 
hoops with or without cross ties; 
III The spacing of spiral or hoop bars along the column axis; 
• The spacing of longitudinal bars across the section that are effectively restrained from 
buckling by transverse bars; 
III The ratio of hoop bar spacing to longitudinal bar diameter. 
In addition, the proportion of the section area in compression was taken into account by 
considering only the compressed part of core area when calculating the efficiency factor. The 
ratio of effectively confined area to overall core area hence becomes smaller. In this case, 
the ratio of the first moment of areas rather than the areas themselves should be used in 
defining the efficiency factor [4]. As an approximation, the moment could be taken about 
the centroidal axis of the section. The modified ke, which is denoted as k:, is calculated as: 
k* -e (4.18) 
where See and See are the first moment of effectively confined core area and total core area 
of concrete about the centroidal axis of the section, respectively. 
For circular sections confined by circular hoops or spirals: 
(1 - O.5a)3 (4.19) k* e 
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For square and rectangular sections: 
k; = (1- 0.5a)2({3 -: 0.5a) [1- 8(0.58 + O.11g') (W!)2 + 0.93 (wt)3] 
(3(1 - 1.6g Pee) {3 he {3 he (4.20) 
where a = s' I de for circular sections, or s'l he for square and rectangular sections, {3 = bel he, 
g'=distance between the centres of longitudinal bars in the extreme faces divided by the 
core dimension, and the other notation is similar to that defined previously. 
The term outside the rectangular brackets in Eq. 4.20 allows for the arching between hoop 
levels, and can be taken as unity when the centre-to-centre hoop spacing Sh is not greater 
than four times the diameter of longitudinal bars. 
The effective radial confining stress provided by circular hoops or spirals is now given by: 
f - ~k* f - 2 Adyh k* r - 2 ePa yh - d e Sh e (4.21) 
and the effective confining stresses in rectangular sections in x and y directions are given 
by: 
frx k* Asx f k*XeffAb f ( 4.22) e h yh e h yh Sh e Sh e 
fry = k* Asy f k*Yeff Ab f ( 4.23) e b yh - e b yh Sh e Sh e 
where Ab is the area of transverse bar, X eff and Yeff are the effective number of transverse 
bars in the x and y directions, respectively, each with area Ab• 
As with the previous examination of ff, if the values of the effective confining stresses in 
each direction frx and fry are different, the average value of frx and fry may give a good 
estimation of the confined concrete properties, providing that the ratio of frx I fry is between 
0.5 and 2.0. The average effective confining stress is then 
f = ~(f f) = ~ Abfyh k*(Xeff Yeff) 
r 2 rx + ry 2 Sh e he + be ( 4.24) 
The ratio of frl feD is the main parameter in the moment-curvature analyses conducted to 
develop the de.sign charts for ductility. 
The effective confining stresses given by Eqs. 4.21 to 4.24 were used in this study. 
Material Properties Assumed for Steel 
A cyclic stress-strain model for steel proposed by Mander et al. [3] was used in the moment-
curvature analysis. A complete description of the model can be found in Chapter 2 of 
Ref. [3]. 
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A standard skeleton curve for Grades 275 and 380 deformed steel bars had to be established , 
and the following parameters are needed for both monotonic tension and compression: 
Ell yield strength, fy 
Ell Young's modulus, Ea 
CiI strain hardening strain, Csh 
• tangent modulus when the strain hardening commences, Esh 
• ultimate stress, fau and 
• ultimate strain €su. 
The specified values of yield strengths of 275 MPa and 380 MPa were used, although these 
are somewhat conservative. For the other parameters in tension, the average values obtained 
from a number of specimens tested at the University of Canterbury in recent years were used. 
The values used to define the skeleton stress-strain curve for steel in tension are summarized 
in Table 4.2. 
Table 4.2: Parameters for the Skeleton Stress-Strain Curve for Steel in Tension 
Grade 275 Grade 380 
fy (MPa) 275 380 
Es (MPa) 204000 204000 
€sh 0.022 0.010 
Esh (MPa) 4900 8800 
fsu (MPa) 420 615 
€su 0.20 0.15 
As investigated by Mander et al. [3], the parameters obtained from tensile testing do not 
precisely describe the skeleton curve in compression, due to the reduced ultimate strain and 
stress of steel in compression, resulting from inelastic buckling. However, an approach was 
suggested to calculate the parameters necessary to describe the compression skeleton curve. 
Table 4.3 summarizes the values adopted to define the skeleton stress-strain curve, for steel 
in compression assuming that the longitudinal bars are effectively braced. by spiral bars, 
rectangular hoops, or cross ties at 4db centres, where db is the diameter of longitudinal bars. 
It should be noted that s / db=4 is the lower bound of range of spiral or hoop spacings used 
in design. 
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Table 4.3: Parameters for the Skeleton Stress-Strain Curve for Steel in Compression 
Grade 275 Grade 380 
fyc (MPa) 275 380 
Esc (MPa) 204000 204000 
€shc 0.012 0.006 
Eshc (MPa) 6860 12320 
fsuc (MPa) 400 590 
€IlUC 0.070 0.060 
Zahn et al. [4] established the relationships of the longitudinal compression steel strain 
Esuc, and the ratios of buckling stress to yield stress fllucl f y, to the hoop spacing ratio shl db 
necessary to control buckling, for Grades 275 and 380. The results are shown in Figs. 4.12 
and 4.13. 
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Figure 4.12: Theoretical Longitudinal Buckling Strains for Grade 275 and 380 Steel 
Two cases were considered for each steel grade, as shown in Figs. 4.12 and 4.13. For case 
1, the specified yield strength f y, and the average values of ultimate tensile stress fsu, and 
strain hardening modulus Esh, obtained from the tests, were used. For case 2, the average 
values of fy and fllu, and the lowest value of Esh' obtained from the the tests were used. A 
linear expression, which is shown by heavy lines, was chosen to represent a lower bound of 
the strains and stresses calculated for the two cases. It is worth noting that the increase in 
the buckling stress and strain for shl db < 4 was neglected. 
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Figure 4.13: Ratio of Theoretical Buckling Stress to Yield Strength of Grades 275 and 380 
The maximum steel strain reached during the initial half cycle was used as the basic strain to 
determine the shl db necessary to control buckling. This cycle is identical to the monotonic 
moment-curvature relation. By this way, the relationships given in Figs. 4.12 and 4.13, which 
were derived from the monotonic stress-strain curves, were applied to the cyclic analysis. 
In order to allow for a possible increase in the compressive steel strain during the following 
cycles to cpu, it was assumed that the increase in the basic strain per cycle depends linearly on 
the axial load ratio Pel(J~Ag). For zero axial load, the compressive strain was assumed not 
to increase at all with further cycles, while a 15% increase during each cycle was assumed 
for an axial compressive load level of O. 7 f~Ag. The compressive strain increase per cycle 
for columns with axial load ratios between 0.0 and 0.7 was given by a linear interpolation 
between 0% and 15%. 
Dynamic Strain Rate Effects 
The strengths of both steel and concrete are enhanced when the loading takes place at a 
dynamic strain rate such as during earthquakes. 
Scott et al. [49] found that an increase in the strain rate resulted in an increase in the peak 
stress, strain at the peak stress, and slope of the falling branch of stress-strain curve for 
confined concrete. 
Mander et al. [3] found that an increase in strain rate resulted in a decrease in the strain at 
maximum stress of unconfined concrete, an increase in the tangent modulus, and an increase 
in the slope of the falling branch of both unconfined and confined concrete. 
In this study however, no dynamic strain rate effects were considered, since initial analyses 
showed that use of the dynamic material properties results in little, if any, change in the 
Calculated ultimate curvature ductility factor. 
117 
4.3.3 Presentation of the Design Charts for Ductility 
Fig. 4.14 shows a typical example of the design charts developed for circular spirally rein-
forced column sections. The chart relates the available curvature ductility factor <P1J<Py at 
the critical section of potential plastic hinge region to the ratio of the magnitude of effec-
tive confining stress acting on the core concrete to unconfined concrete strength, ff' / feo- As 
expected, the axial load ratio Pe/(f~Ag) is the major parameter. The charts are presented 
in a dimensionless form to facilitate their use for different section dimensions. 
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Figure 4.14: Example of Design Chart for Ductility for a Circular Section 
The chart shown in Fig. 4.14 is for a circular section with f~=30 MPa, fy=275 MPa, f yh=275 
MPa, ptm=O.l and 0.2, and c/ D=0.06, where f~ is concrete compressive strength, fy and 
fyh are the yield strengths of longitudinal and transverse reinforcement, respectively, Ptm is 
mechanical reinforcing ratio=pt/y/ f~, c is concrete cover thickness and D is overall diameter. 
Examination of Fig. 4.14 indicates that: 
• The available curvature ductility factor <Pu/cpy rapidly decreases with increase in the 
axial compressive load ratio Pe/(f~Ag). 
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ED At very low axial load ratios, say Pe/(J~Ag) < 0.15, extremely large curvature ductility 
factors are theoretically available with only small quantities of confining reinforcement. 
It is obvious however, that there are other factors that govern the quantity of transverse 
reinforcement in such cases, such as the requirements for shear and prevention of 
buckling of the longitudinal compression bars. 
e The most common factor which governs the ultimate curvature ductility of a section is 
the cyclic flexural strength deterioration, as indicated by the" 0" symbols in Fig. 4.14 . 
• The available CPu/cpy, for a given effective confining stress ratio fT/ feD, may be less 
when Grade 380 steel is used, as shown by the "P" symbols in Fig. 4.14. 
.. The available CPu/ CPy increases with the mechanical reinforcing ratio Ptm. 
• The available CPu/ CPy is limited by the line separating the shaded area from the unshaded 
area. The curvature ductilities within the shaded area can be expected only if excessive 
buckling of the longitudinal reinforcement does not occur. This can be achieved by 
providing smaller spacings of transverse reinforcement than the 6db required by the 
code. 
Zahn et al. [4,47] also developed other design charts, similar to that shown in Fig. 4.14, 
for circular, square and rectangular column sections with different values of mechanical 
reinforcing ratio and cover ratio: 
Circular Sections 
The design charts are for sections with mechanical reinforcing ratios of ptm=0.1,0.2,O.3 and 
0.4. The charts were derived assuming a concrete compressive strength of f~=30 MPa, yield 
strengths oflongitudinal and transverse reinforcement, fy and fyh, of 275 MPa, and a cover 
ratio of 'c/ D = 0.06. 
For columns with the values of Ptm in between those investigated, linear interpolation is 
possible. For f~ between 20 and 40 MPa, the CPu/cpy are modified by a factor of If~. Other 
modification factors are for the influence of other yield strengths of longitudinal and trans-
verse reinforcement, I fy and I fyh, respectively, and the influence of other cover ratios IC/ D. 
Considering the large scatter found in the values of Ify,it may be more reasonable to neglect 
this influence completely. Due to the limited samples examined for different cover thickness, 
it is possible that the influence of the c/D ratio was not comprehensively determined in 
the investigation. However, for columns with large diameter, where the cover ratio is only 
0.02 to 0.04, the available curvature ductility factor is at least 15% greater than the values 
obtained from the charts. All of these modification factors are presented in a form of charts. 
Square and Rectangular Sections 
The design charts are for sections with Ptm of 0.1, 0.15, 0.2, 0.3 and 0.4. As for circular 
sections, the charts were also derived assuming f~=30 MPa and fy of 275 MPa. Yield 
strengths of confining reinforcement fYh of 275 and 380 MPa were examined, and the c/h 
119 
ratios investigated were 0.02, 0.06 and O.OS. Linear interpolation is also possible for values 
of Ptm and c/ h in between those investigated. 
Although values for the modification factors 'Y f~, 'Y fy and 'Y fyh were not investigated, it is 
likely that they are not significantly different from those calculated for circular sections [4]. 
The charts however, are also applicable for sections with the New Zealand manufactured 
Grade 3S0 longitudinal bars, providing that Ptm ~ 0.3. The influence of f~ may be neglected 
providing that 25 ~ f~ ~ 35 MPa. Although the charts were developed for square sections, 
they can be applied to rectangular sections by modifying the cover ratio by a factor G, which 
depends on the section side ratio b / h. 
4.4 Application of the Design Charts and Derivation 
of Refined Design Equation 
4.4.1 Applications of the Design Charts for Ductility and Com-
parisons with the NZS 3101:1982 Equations 
The work of Zahn et al. [4,47] was extended in this present study by using the design 
charts to derive a design equation for determining the quantities of confining reinforcement 
required in potential plastic hinge regions of columns. 
The applications of the design charts for this derivation is illustrated as follows. First, the 
value of Ptm is chosen for the column section type. From the corresponding design charts, 
the ratio of fr / feo is found for the various levels of axial compressive load on the column 
for values of 'Pu/'Py of 20 and 10. From the confining stress fr' the required quantity of 
confining reinforcement to provide that confining stress can be calculated. The quantity of 
confining reinforcement is expressed by the volumetric steel percentage ps. The core concrete 
is measured to the outside of the perimeter hoops or spirals as specified by the code [2]. 
For circular sections, according to the Eq. 4.21, the relation between fr and ps is expressed 
by: 
fr ~k:PsfYh (4.25) 
Therefore 
iyh 2 ir 1.7 ir 
ps f~ - k* f' --k; f~o e e 
(4.26) 
where f~o=compressive strength of unconfined concrete, taken as 0.S5 f~. 
Zahn et ai. [4] suggested that a value of k;=0.S5 to be used for confined circular columns. 
Eq. 4.26 then becomes 
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fyh 
ps f~ - (4.27) 
Using the values of fr/ f::a obtained from the corresponding design charts, the relations 
between Psfyh/ f~ and the axial load ratio Pe/(f~Ag) can be plotted for all combinations of 
the parameters listed in Table 4.1. Two of the graphs for circular sections are shown plotted 
in Figs. 4.15 and 4.16 for f~=30 MPa, c/ D = 0.06 and CPu/cpy=20 and 10, respectively. For 
comparison, the code [2] recommended value of Psfyh/ f~ as given by Eq. 4.1 is also plotted 
in those figures. 
For the square sections shown in Fig. 4.4b, Ash = Ye"Ab, he = be, and the values of X ejj 
and Ye" in Eq. 4.24 are equal to 3.41. Thus, if ps = Ash/(Shbe), from Eq. 4.24 
ps 
For k: = 0.7 as assumed by Zahn et al. [4], Eq. 4.28 can be rewritten as: 
1.214~ 
f~o 
( 4.28) 
( 4.29) 
As for circular sections, the relation between Psfyh/ f~ and Pe/(f~Ag), for CPu/cpy values of 20 
and 10, can be plotted. The graphs for f~=30 MPa and c/h = 0.06 are shown and compared 
with the code [2] equation Eq. 4.1 in Figs. 4.17 and 4.18. 
For the rectangular section shown in Fig. 4.4c, Ash = Ye"Ab, X e" = 5.41, YeJf = 3.41, and 
he = 1.5be. If Ps = Ash/(Shbe), Eq. 4.24 then becomes: 
ps - 1.18~ f~ 
f~o fyh ( 4.30) 
For the rectangular section shown in Fig. 4.4d, Ash = Ye"Ab, Xejj = 3.41, Ye" = 5.41, and 
he = ~be. Thus, if ps = Ash/(Shbe), Eq. 4.24 becomes: 
fyh 
ps f~ - (4.31) 
The relations between PsfYh/ f~ and Pe/(f~Ag) for rectangular sections with bending about 
the strong axis or the weak axis, and f~ = 30MPa, c/h = 0.06, and CPu/cpy = 20 or 10, are 
illustrated and compared with the code [2] equation Eq. 4.1 in Figs. 4.19 to 4.22. 
From this investigation, it was observed that the current code equations are unnecessarily 
conservative for columns with low to moderate axial compression. The code equations result 
in an available curvature ductility factor of greater than 20 in such cases. However, for 
121 
fyh fe Ps 
0.24 
0.20 
0.16 
0.12 
0.04 
fe =30MPa 
fy = 275MPa 
fyh=275MPa 
Cove r ratio = 0.06 
¢u/¢y = 20 
0.2 0.4 0.6 
Pe/fcAg 
Figure 4.15: Required Quantities of Confining Reinforcement in the Potential Plastic Hinge 
Regions of Circular Columns to Achieve <.pu/ <.py = 20, and Comparison with the Code Re-
quirement [2] 
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Figure 4.16: Required Quantities of Confining Reinforcement in the Potential Plastic Hinge 
Regions of Circular Columns to Achieve CPu/cpy = 10, and Comparison with the Code Re-
quirement [2] 
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Figure 4.17: Required Quantities of Confining Reinforcement in the Potential Plastic Hinge 
Regions of Square Columns to Achieve CPu/ cpy = 20, and Comparison with the Code Re-
quirement [2] 
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Figure 4.18: Required Quantities of Confining Reinforcement in the Potential Plastic Hinge 
Regions of Square Columns to Achieve i.pu/i.py = 10, and Comparison with the Code Re-
quirement [2] 
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Figure 4.19: Required Quantities of Confining Reinforcement in the Potential Plastic Hinge 
Regions of Rectangular Columns with Bending about Strong Axis, to Achieve <Pu/ <py = 20, 
and Comparison with the Code Requirement [2] 
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Figure 4.20: Required Quantities of Confining Reinforcement in the Potential Plastic Hinge 
Regions of Rectangular Columns with Bending about Strong Axis, to Achieve CPu./ cPy = 10, 
and Comparison with the Code Requirement [2] 
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Figure 4.21: Required Quantities of Confining Reinforcement in the Potential Plastic Hinge 
Regions of Rectangular Columns with Bending about Weal( Axis, to Achieve CPu/cpy = 20, 
and Comparison with the Code Requirement [2] 
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Figure 4.22: Required Quantities of Confining Reinforcement in the Potential Plastic Hinge 
Regions of Rectangular Columns with Bending about Weak Axis, to Achieve 'Pu/'Py = 10, 
and Comparison with the Code Requirement [2] 
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columns with high axial compression, large cover thickness, and small flexural steel content, 
the code equations can be un conservative. In such cases, the code equations can result in 
an available curvature ductility factor of less than 10. If the existing code requirement of 
an available curvature ductility factor of 20 for ductile column sections is to be maintained, 
the quantity of confining reinforcement recommended by the code can be reduced for low 
axial compression loads, but needs to be increased for high axial compression loads in some 
cases. 
4.4.2 Derivation of Refined Design Equation for the Quantities 
of Confining Reinforcement Required in Columns for Ade-
quate Ductility 
Examination of the relations between the required confining reinforcement and the axial 
compression load ratio for columns for a particular curvature ductility factor, such as shown 
in Figs. 4.15 to 4.22, leads to the following conclusions concerning the influence of the 
parameters listed in Table 4.1. 
Axial Compression Load Ratio Pe/(J~Ag) 
It was observed that the required transverse reinforcement for concrete confinement for a 
particular curvature ductility factor increases significantly as the axial load ratio increases. 
When the axial load is high, the flexural strength of columns is more dependent on the con-
crete compressive stress distribution. As a result, more transverse reinforcement is required 
to provide adequate confinement. Also, the cyclic curvature history used in the analysis 
(i.e. four identical, symmetrical cycles to the ultimate curvature) leads to greater strength 
deterioration of the concrete than in the case of monotonic loading. 
Mechanical Reinforcing Ratio Ptm 
The required confining reinforcement increases when the flexural steel content Pt decreases. 
This is because of the smaller contribution due to strain hardening of longitudinal bars to 
the flexural strength, and a greater proportional contribution of the concrete compressive 
stress distribution to the flexural strength. To compensate for this effect, a larger quantity 
of transverse reinforcement is needed to confine concrete when Ptm is small. 
Section Type Factor f 
It was observed that the type of section has a significant effect on the required quantity 
of confining reinforcement. As expected, to achieve the same curvature ductility factor, 
the ps required for circular section is markedly different from the ps required for square 
and rectangular sections. The values of ps for square and rectangular sections are not 
significantly different. This indicates therefore, that the square and rectangular sections 
Used in this investigation may represent a wide range of rectangular sections used in design. 
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Cover Ratio c/ D or c/ h and Concrete Compressive Compressive Strength f~ 
Although figures illustrating the relation between Pslyh/ I~ and Pe/(J~Ag) for I~ =1= 30MPa 
and c/ D or c/ h'=I= 0.06 are not presented here, it was found that these parameters also have 
considerable effects on the quantity of confining reinforcemet. 
A small cover thickness means a larger area of concrete core, resulting in more ductile 
behaviour of the concrete and hence less confining reinforcement is required. 
Concrete with a high compressive strength is more brittle, and hence the quantity of trans-
verse steel required for confinement is larger. 
Based on the above considerations, it was decided that a refined design equation for the 
quantities of confining reinforcement in columns needs to be related to the required curvature 
ductility factor i.pu/ i.py, and it would have to include all the parameters examined above, that 
is Pe/(/~Ag), Ptm, I, c/D or c/h, I~ and Iyh' For convenience, the influence of the relative 
cover thickness c/D or c/h is expressed by the ratio of Ag/Ac, where Ag is gross area of 
section and Ac is area of concrete core. 
Figs. 4.23 to 4.30 illustrate all values of Pslyh/ I~ obtained from the design charts for the 
range of parameters listed in Table 4.1, to achieve curvature ductility factors of 20 and 10. 
It can be seen that the values of Pslyh/ I~ for circular sections (indicated by "0" symbols) 
are larger than those for square and rectangular sections (indicated by "." symbols) for the 
same values of Ptm, Pe/(J~Ag) and c/D or c/h. It was decided therefore, to evaluate only 
the values of Psjyh/ j~ for square and rectangular sections, and a section type factor j could 
then be applied to obtain the value of that index for circular sections. Large scatter is also 
indicated by the results plotted in those figures. However, a suitable linear design equation 
could be fitted using the procedure described below. 
The 95% upper tail values and the mean values of Psiyh/ j~ are also plotted in Figs. 4.23 to 
4.30. To obtain the most desirable design equation, more interpolation points are needed. 
Therefore, the 95% upper tail values of Psjyh/ j~ for i.pu/i.py of 15 were also calculated. 
For those 95% upper tail values, the best fit linear equation of Psjyh/ f~ as a function of 
Pe/(J~Ag), for each Ptm and i.pu/i.py was then determined by the Least Square method. The 
equations obtained are given in Table 4.4. 
The coefficients of Pe/(f~Ag) listed in Table 4.4, were next plotted as a function of Ptm for 
each i.pu/i.py, as shown in Fig. 4.3l. 
The best-fit linear equations are shown in Fig. 4.31 as Eqs. A. Clearly, the slopes are not 
significantly different and a value of -0.41 fits all equations reasonably well. Equations for 
A could then be written as follows: 
For i.pu/i.py = 10, A - -0.41ptm + 0.419 
For i.pu/i.py = 15, A - -0.41ptm + 0.469 
For i.pu/ i.py = 20, A - -0.41ptm + 0.543 
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Table 4.4: The Best-Fit Equations for the 95% Upper Tail Values of Psfvh/ f~ for Square and 
Rectangular Columns 
Ptm 
0.1 
0.2 
0.3 
0.4 
The Best-Fit Equations 
'{)u/'{)v=lO 
y = 0.377x - 0.032 
Y = 0.336x - 0.036 
Y = 0.302x - 0.038 
Y = 0.252x - 0.035 
Caeff of 
Pe fc Ag 
0.5 
0.4 
0.3 
0.2 
0.1 
0.1 
'{)u/'{)v=15 '()u/'{)v=20 
Y = 0.426x - 0.039 Y = 0.497x - 0.053 
Y = 0.387x - 0.048 Y = 0.465x - 0.059 
Y = 0.333x - 0.046 Y = 0.413x - 0.056 
Y = 0.303x - 0.042 Y = 0.372x - 0.050 
~-____ A=-0.426Ptm +0 .543 
Pu/Py 
20 
15 
10 
0.2 0.3 0.4 Pt m 
Figure 4.31: Relationships between Ptm and Coefficients of Pe/(J~A9) 
The constants in Eq. 4.32, that is 0.419, 0.469, and 0.543, are shown in Fig. 4.32 and a linear 
equation B = 0.0123,{)u/'{)v + 0.292 can be fitted to them. Eq. 4.32 could now be brought 
together as: 
A = -0.41ptm + 0.0123,{)u/'{)v + 0.292 ( 4.33) 
The constants in the equations for y listed in Table 4.4 are shown plotted in Fig. 4.33. The 
linear equations for these constants for each '{)u/'{)v, denoted as Eqs. C, indicated that the 
slopes (the variation with Ptm) are very small and can be neglected. Eqs. C were then 
rewritten as follows: 
'{)u/'{)v = 10, C - 0.033 
'{)u/ '{)v = 15, C 0.042 ( 4.34) 
<{)u/ <{)v = 20, C 0.058 
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These values for C of 0.033, 0.042 and 0.058 are plotted as shown in Fig. 4.34 as a function 
of CPu/ cPy. A parabolic curve D was found to fit very well, where 
( 4.35) 
By combining Eqs. 4.33 and 4.35, the following equation can then be obtained for square 
and rectangular columns: 
(-0.41pt ffi + 0.0123cpu/cpy + 0.292)f~~ -
c 9 
1.4 X 1O-3('Pu/'Py)2 - 1.7 x 1O-2('Pu/'Py) + 0.036 ( 4.36) 
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Note that Eq. 4.36 was derived from the 95% upper tail values of Psfyh/ f~ appropriate for 
c/ h = O.OS. To obtain a refined design equation which is applicable to the range of cover 
ratios commonly used in design, Eq. 4.36 can be written as follows for square or rectangular 
columns. 
(4.37) 
It is worth noting that in determining Eq. 4.37, it was found that the influence of the coyer 
ratio in the second term is small, and it was therefore decided to ignore it. 
The section type factor f, which relates the values of Ps for circular sections to that for square 
or rectangular sections for the same values of Pel (ifJ f~Ag), f~, Ptm and cover thickness, was 
found to be approximately 1.4. 
Thus, for circular columns, Eq. 4.37 becomes: 
1.4~g (-0.3ptm + 0.009<.pu./<.py + 0.20S)f~ -
c c 9 
1.4 X 1O-3(<.pu/<.py)2 - 1.7 x 1O-2(<.pu./r.py) + 0.036} ( 4.3S) 
Inspection of Eqs. 4.37 and 4.40 shows that the second term is insignificant compared to 
the first term. Moreover, if it is multiplied by the ratio of f~/ fyh, the second term becomes 
even less significant. Therefore, a constant number can be adopted for approximation. The 
refined design equations for both section types can be written in the following forms with a 
strength reduction factor ifJ included in the axial load ratio. 
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For square or rectangular sections: 
ps (4.39) 
For circular sections: 
ps ( 4.40) 
4.4.3 Alternative Derivation of Refined Design Equation Using 
Optimization Methods 
General 
In this section, an alternative procedure to derive a refined equation using optimization 
theory is described. The derived equation is then compared to that given in Eq. 4.39, and 
the preferred design equation is suggested. 
Multi-Variable Optimization and Its Application 
The basic mathematical optimization problem is to minimize a scalar function E (known as 
an objective function), which is the value of a function of a set of dependent parameters, 
Xl, X2, •••• Xn. 
In this derivation, the dependent parameters consist of: 
Ag/Ac 
'Pu/ 'Py 
ptm 
f~/ fyh 
Pe/( ¢Yf~Ag) 
denoted as Xl 
denoted as X2 
denoted as X3 
denoted as X4 
denoted as Xs 
In a multi-variable optimization, the quantity to be minimized is not only a function of 
controlled parameters but also of independent variables. If AI, A 2 , •••• Am denote the values 
of the independent variables at the m available sample points, the form of the objective 
fUnction can then be written as: 
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( 4.41) 
where x is a column vector of x. 
The values of the independent variables may be incorporated into the function g(x) to yield 
the following equation: 
(4.42) 
In this study, the values of the independent variables are the values of Ps!~/ fyh obtained 
from the design charts. 
The choice of the objective function is an important issue in optimization problems as it 
greatly influences the optimum point and the ease by which it is found. 
The form of the function f is termed the error criterion. The most widely used error criterion 
is the Least Squares values with the following general form: 
m 
Minimize E - ~]wiGi(x)12 ( 4.43) 
i=l 
where WI, W2, •.•• Wm are termed weights or penalties, and have the effect of emphasizing 
errors of importance in the formulation of the problems. 
A predicted equation was chosen to take the form as the right hand side of the refined 
equation shown in Eq. 4.39 as follows: 
( 4.44) 
The figures in Eq. 4.39 were used as the first estimated values of A, B, C and D in the 
process of optimization. The objective function E can then be written as: 
( 4.45) 
The E value obtained from Eq. 4.45 is the sum of the errors at the data points. Using 
optimization methods, the minimized E can be found. 
Since the P8f~/ fyh obtained from the design charts are well spread, it was decided to take 
the weighting value Wi in Eq. 4.43 as unity. 
The following step is now to decide the method of performing the optimization. For multi-
variable optimization, the methods fall naturally into two classes, although they are not 
completely separate, namely Search methods which use objective function evaluation only, 
and Gradient methods which in addition require gradient information [51]. 
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In general, Gradient methods are superior to Search methods if the functions involved have 
continuous derivatives which can be evaluated analytically. For functions for which the 
derivative information is not readily available, the application of Search methods is normally 
required. However, a Gradient method that only requires objective function evaluations has 
been recently formulated in a form of subroutine library VF04AD [50]. In this routine, 
derivative information is not necessarily supplied, as an estimation of the gradient was found 
numerically from either the Finite or Central Difference formula. The basic method and its 
derivation may be found in Refs. [52,53]. 
Using the gradient optimization [50], the following optimum equations were found: 
For 'f/u/'f/y = 10 for square or rectangular columns: 
po ( 4.46) 
For 'f/u/ 'f/y = 20 for square or rectangular columns: 
po (4.4 7) 
It is obvious that in Eqs. 4.46 and 4.47 that the parameter Ptm has little significance. In 
the previous analysis however, it was shown that this parameter did influence the quantities 
of confining reinforcement significantly. 
Fig. 4.35 compares the quantities of confining reinforcement required in a square or rectan-
gular column section, as suggested by Eqs. 4.39,4.46 and 4.47, and by the code [2]. 
Ps fc = 30/VIPa 
0.03 fyh = 300/VIPa 
Ptm = 0.2 
Co ver ra tio = 0.08 
0.02 
0.01 
0'-------''-----L---'--~1IiIIRo-
o 0.2 0.4 0.6 -.fL 
¢fcAg 
Figure 4.35: Comparison of Quantities of Confining Reinforcement in a Square or Rectan-
gular Column Section, as Suggested by Eqs. 4.39,4.46 and 4.47, and by the Code [2] 
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It can be seen from Fig. 4.35 that the required quantities of confining reinforcement ps 
predicted by the equation obtained from the 95% upper tail values, agreed very well with 
those obtained from the optimization theory. In general however, Eq. 4.39 gives greater 
quantities of confining reinforcement than those equations derived from the Optimization 
method. To obtain the optimum fitted-curve, which means to search for the minimum errors 
at the data points, the values of ps obtained from the chart should be evenly distributed 
above and below the optimum curve. On the other hand, Eq. 4.39 was derived from the 95% 
upper tail design chart values of Pa, which means that the values of ps obtained from the 
chart are generally below the the values of ps given by Eq. 4.39. This difference is reflected 
in Fig. 4.35 in which although the two approaches gave similar results, Eq. 4.39 indicates 
more conservatism. It is also clearly seen from Fig. 4.35 that the current code [2] equation 
of confining reinforcement is more than sufficient to provide curvature ductility factor CPl.J CPy 
of 20 for columns with low to medium axial compression, but it is not sufficient for columns 
with large axial compression. Based on the above considerations, it was decided to suggest 
Eq. 4.39 as a refined design equation to replace the current code [2] equations. 
4.5 Verification of the Refined Design Equation 
A comparison of the quantities of confining reinforcement obtained from the proposed re-
fined design equation, with the quantities provided in the column units tested by various 
researchers [7,8,9,4,5] is necessary, to ensure that the proposed equation is not unduly con-
servative, and yet reasonably accurate. 
Except for some columns tested by Potangaroa [8], the results of the columns tested previ-
ously at the University of Canterbury [7,8,9,4]' which were generally designed to the New 
Zealand code recommended quantities of confining reinforcement, showed that the columns 
behaved in a ductile manner. No significant strength degradation was detected before the 
tests were terminated. Moreover, the load-displacement hysteresis loops were still rising, 
indicated that the units maintained sufficient reserve strength. 
For the tests carried out as a part of the present study (see Chapter 3), it was also found 
that Units 1, 2 and 9 indicated ductile behaviour. It is worth noting, that Units 1 and 
2 only contained about one-half of the code recommended quantities for ductile detailing. 
Unit 9 however, was designed to have adequate ductility as predicted by the cyclic moment-
curvature theory [4] on which the design charts were based. 
Figs. 4.36 compares the quantities of confining reinforcement provided in the column units 
mentioned above, with the quantities required by the refined design equation to achieve 
CPu/ CPy = 20. 
It is evident that the quantities provided in the columns tested were generally greater than 
the quantities required for adequate ductility according to the refined design equation. Al-
though the maximum experimental values of CPmax/CPy attained by some of the columns were 
less than 20 (see Table 2.2, Chapter 2), this was due to the termination of the tests after com-
pleting two cycles to a displacement ductility factor of 6 or 8. If the tests had been carried 
on to higher displacement ductility factors, CPmax/CPy = 20 would easily have been obtained 
since the hysteresis loops were still showing an increase in load with displacement at the 
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end of testing. Therefore the prediction of the refined design equation that the quantities 
provided were excessive to achieve the expected level of ductility was confirmed. 
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Figure 4.36: Comparison of the Quantities of Confining Reinforcement for Square and Cir-
cular Reinforced Concrete Columns 
The quantities of confining reinforcement in the columns tested by Potangaroa [8] were less 
than those required by the refined design equation to achieve rpmax/rpy = 20. However, it 
was shown that those units did not indicate ductile performance. The maximum curvature 
ductility factor obtained from the test was less than 10. This indicated therefore that the 
quantities provided in the columns should be increased as given by Eq. 4.40. 
The refined design equation therefore gives a more accurate, and yet sufficiently conservative 
prediction, and therefore it is suitable for use in design. 
4.6 Concluding Remarks 
The conclusions reached from this investigation may be summarized as follows: 
1. The parameters which have significant influences on the available curvature ductility 
factor in the potential plastic hinge regions of reinforced concrete columns during cyclic 
flexure were examined, namely the axial load ratio Pe/(f~Ag), the concrete compressive 
strength f~, the mechanical reinforcing ratio Ptm, and the cover ratio c/h for square 
and rectangular columns, or c/ D for circular columns. 
2. The investigation indicated that the current code [2] equations for confining reinforce-
ment are just sufficient to ensure an available curvature ductility factor of <Pu/ rpy=20, 
when the axial load ratio Pe/(f~Ag) is approximately 0.35, and the mechanical reinforc-
ing ratio Ptm is greater than 0.2. For columns with large axial compression and large 
cover thickness, the code equations are not sufficient to provide a curvature ductility 
factor of 20, particularly when Pt is small. 
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3. Using the design charts for ductility [4], and considering a range of the critical param-
eters as mentioned in (1), two methods were used to derive a refined design equation 
for the quantities of confining reinforcement required in potential plastic hinge regions 
of square and rectangular columns. 
In the first method, the 95% upper-tail values of PafYh/ f~ obtained from the design 
charts were determined. Using a regression analysis, the best-fit equation was obtained 
by the Least Square method, as follows: 
where Pa = Aah/(Shhc) ~ O. 
In the second method, the refined design equation was derived using the gradient 
optimization methods. The following equations for the quantities of confining rein-
forcement were found: 
For i.pu/i.py = 10: 
pa Ag (21 - O.lptm ) f~ Pe 04 - -0.0 
Ac 100 fYh </> f~Ag 
For i.pu/ i.py = 20: 
Pa _ Ag (31.8 - 0.2ptm ) f~ Pe _ 0.006 
Ac 100 fYh </> f~Ag 
where Pa = Aah/(Shhc) ~ O. 
Since the equation obtained from the Least Square method generally gives more con-
servative values of the quantities of confining reinforcement than those obtained from 
the Optimization method, the first equation is proposed to replace the current code 
[2] equations. 
4. The quantities of confining reinforcement needed in the potential plastic hinge regions 
of circular columns are markedly different from those in columns with square and 
rectangular sections. with the same axial load level, mechanical reinforcing ratio and 
curvature ductility demand. However, the same refined design equation for confining 
reinforcement section type factor f to account for section shape. The f factor was 
found to be 1.4. 
5. The proposed refined design equation ensures that the specified curvature ductility 
factor i.pu/i.py in columns is available for axial compressive load levels up to 0.7f~Ag. 
6. The refined design equation gives only the transverse reinforcement required for con-
crete confinement. The transverse reinforcement provided must also be checked to 
ensure that the stability of longitudinal compression bars, and shear requirements are 
satisfied. 
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Chapter 5 
COMPARISON OF THE 
INELASTIC DYNAMIC RESPONSE 
OF REINFORCED CONCRETE 
FRAMES OF LIMITED 
DUCTILITY A D DUCTILITY 
5.1 Introduction 
Section 14 of the New Zealand concrete design code NZS 3101:1982 [2] covers the design and 
detailing requirements for members in structures of limited ductility subjected to earthquake 
induced loading. 
Structures oflimited ductility need to be designed for higher seismic loadings than those used 
in the design of ductile structures. The design seismic loadings are part-way between those 
for ductile structures and those for elastically responding structures, and hence because the 
ductility requirements are not as high as for ductile structures, the application of capacity 
design becomes less important and is not necessary. This exemption presents a potential 
problem because of the difficulty of identifying possible modes of collapse. Column sidesway 
mechanisms can occur due to dynamic effects of higher modes of vibration which are more 
pronounced when the fundamental periods of vibration of structures increase. For structures 
of four storeys or less however, the effect of higher modes is not so prominent and therefore 
the ductility demand at the plastic hinges at the column ends may not be so great. 
According to NZS 4203:1984 [30], frames of limited ductility have a maximum height of 
four storeys or 18 m, or if the roof and wall mass are less than 150 kg/m3 of floor area a 
maximum height of 5 storeys or 22.5 m. Section 14 of NZS 3101 [2] states that for buildings 
of more than four storeys, column sidesway mechanisms may result in poor performance of 
buildings and a special study is needed. 
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The following structures are appropriate for design as structures of limited ductility: 
.. Low rise buildings which have a greater inherent strength than required for ductile 
structures, and hence low ductility demand is expected even under the strongest seismic 
attack 
.. Multi-storey buildings which have been designed for lateral wind loads greater than 
required by the code seismic loadings for ductile behaviour 
• Less important buildings which do not warrant detailing for full ductility. 
In this study, the response of typical four, six and twelve storey reinforced concrete frames 
under seismic attack is investigated. The frames were designed for ductility and limited 
ductility. Two different approaches were adopted. For ductile frames, the capacity design 
procedure proposed by Park and Paulay [6] was applied. For limited ductile frames, instead 
of using capacity design, the conventional strength design method was applied to apportion 
the strengths of the members, and some relaxation of detailing was considered in recognition 
of a smaller ductility demand. The dynamic response of the buildings was examined and 
compared, including the deformation response and ductility demand, column axial forces, 
beam and column bending moments and shear forces, and the required longitudinal and 
transverse reinforcement content in the beams and columns. The frames were assumed to 
be located in a less severe seismic zone in New Zealand, and were designed for combinations 
of gravity and code seismic loadings. These, as discussed above, are likely to be the types 
of structures most suitable for limited ductility design. However, the response of the non-
capacity designed structures under the strongest seismic attack in New Zealand was also 
examined in the dynamic analyses, and the results from this excitation are discussed. 
A proposed draft replacement for NZS 4203:1984, prepared by a committee of the Stan-
dards Association of New Zealand has been circulated for comment. The draft DZ4203 [39] 
proposes changes to the load factors and the seismic design loadings, as summarized in a 
NZNSEE study group report [1]. For the frames investigated in this study, the load factors 
and seismic design loadings recommended in the draft DZ4203 were adopted. 
The inelastic dynamic analyses in this study were carried out using a two-dimensional non-
linear dynamic computer program RUAUMOKO [55]. 
5.2 Structural Layout and Description of the Buildings 
The buildings analysed, were designed in accordance with the requirements for limited duc-
tility and ductility specified in the New Zealand codes. The component of horizontal earth-
quake loading perpendicular to the plane of the frames considered was assumed to be resisted 
by structural walls or some other structural systems. The effect of vertical component of 
earthquake loading on the response of the buildings was neglected. Torsional moments and 
p - ~ effects were not considered in the design. All non-capacity designed frames, and 
the four storey capacity designed frame were designed according to the draft New Zealand 
loadings code DZ 4203:1986 [39] and the New Zealand concrete design code NZS 3101:1982 
[2]. The six and twelve storey capacity designed frames, designed by Tompkins et al. [54], 
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according to the requirements of DZ3101:1978 [10] and NZS4203:1976 [29], were used for 
comparison. The basic dimensions of the buildings are given in Tables 5.1 to 5.4, and 
Figs. 5.1 to 5.3. 
Table 5.1: Member Dimensions for the Four Storey Frames Designed for Limited Ductility 
and for Ductility (All Dimensions are in mm) 
Member Floors 1 to 4 
Main Beams 400 x 750 
Secondary Beams 350 x 600 
Columns 1 and 4 500 x 500 
Columns 2 cmd 3 600 x 600 
Slab 160 
4 E 
<0 
3 '<i 
-
" 
2 E ~ 
1 ~ 
® 
Gr. ~ 
ELEVATION 
TYPICAL FLOOR PLAN 
Figure 5.1: Principal Dimensions of the Four Storey Frames 
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Table 5.2: Member Dimensions for the Six Storey Frames Designed for Limited Ductility 
(All Dimensions are in mm) 
Floor 
Member 1 to 4 5 and 6 
Main Beams 400 X 750 400 X 750 
Secondary Beams 350 X 600 350 X 600 
Columns 1 and 3 500 X 550 500 X 500 
Column 2 600 X 600 550 X 550 
Slab 160 160 
Table 5.3: Member Dimensions for the Six Storey Frames Designed for Ductility (All Di-
mensions are in mm) 
7,r 
1 
9.2m 
Floor 
Member 1 to 4 5 and 6 
Main Beams 400 X 750 400 X 750 
Secondary Beams 350 X 600 350 X 600 
Columns 1 and 3 500 X 575 500 X 500 
Column 2 650 X 650 600 X 600 
Slab 160 160 
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Figure 5.2: Principal Dimensions of the Six Storey Frames 
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Table 5.4: Member Dimensions for the Twelve Storey Frames Designed for Limited Ductility 
and for Ductility (All Dimensions are in mm) 
Member 1 to 3 4 to 6 
Main Beams 400 x 750 400 x 750 
Secondary Beams 350 X 600 350 x 600 
Columns 1 and 3 500 x 725 500 x 625 
Column 2 725 x 725 675 x 675 
Slab 160 160 
12 
11 
10 
-9 
.m~ 
"'" 
~J;, 
~ 9.2m cis 9.2m c1 
ELEVATION 
8 E 
'" 7 E oj 
~ 
.., 
6 'J-
" 
2 
Gr 
Floor 
7 and 8 9 and 10 11 and 12 
400 x 700 400 x 650 400 x 600 
350 x 600 350 x 600 350 x 600 
500 x 575 500 x 525 500 x 500 
625 x 625 575 x 575 550 x 550 
160 160 160 
TYPICAL FLOOR PLAN 
Figure 5.3: Principal Dimensions of the Twelve Storey Fram~s 
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Frames with greater number of bays than shown in Figs. 5.1 to 5.3 were also considered. 
It was found however, that the results of the inelastic dynamic response analyses of those 
frames were quite similar to the results of the frames with a lesser number of bays. It was 
decided therefore to report only the response of the frames shown in Figs. 5.1 to 5.3. 
The load factors used, as specified in the draft New Zealand Loadings Code DZ 4203:1986 
[39] were as follows: 
u - 1.2D + 1.6Lr 
U 1.2D + 1.2La ± E (5.1) 
U - 0.9D±E 
where D is the dead load, Lr and La are the reduced live load and live load at serviceability 
state respectively, and E is the earthquake load. 
A unit weight of 23 kN/m3 was assumed for concrete. A uniformly distributed dead load of 
0.5 kPa and unreduced live load of 2.5 kPa (as for offices for general use [39]) were assumed. 
The live load at serviceability state was taken as 0.8 kPa. The reduced live load was obtained 
from unreduced live load multiplied by a reduction factor R/ of 
R/ = 0.4 + 2.7/VA (5.2) 
where A=tributary area per floor, in square metres. 
A concrete compressive strength of 30 MPa was assumed. According to a News Release 
of the Standards Association of New Zealand [56], Grades 275 and 380 reinforcing steel in 
New Zealand will be replaced by Grades 300 and 430 reinforcing steel, respectively. These 
new, greater characteristic yield strengths, were used for the beam and column longitudinal 
reinforcement, respectively. 
5.3 Equivalent Lateral Static Load Analysis 
According to the DZ4203:1986 [39], the total horizontal seismic shear force at the base of a 
regular structure, V shall be computed from 
(5.3) 
where 
til C Jl. = a basic seismic coefficient read from one of the sets of normalized curve, as shown 
in Fig. 5.4. The set is chosen to be appropriate for normal and soft soil conditions, 
the degree of structure ductility J-l available, and the value for the natural period of 
vibration of astructure 
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• R = a risk factor, varies between 0.4 and 1.3, which modifies the design load when 
either diminished failure risk is required or enhanced failure risk is acceptable. 
• Z = a zone factor accounting for regional seismicity 
• Wt = gravity load of structure considered to be present during the earthquake, which 
was calculated by adding the dead load D and one third of the unreduced live load L. 
1.0 2.0 3.0 4.0 
T or 'P (Seconds) 
(0) NORMAL SOILS 
1.0.--.----,---.,.--,.-----------, 
0.8 r--;;---k:--j---J.----J 
0.6 H,---4~~k-
CIl or CIlP I,...'--+-... 
0.4 ~-_t_.::...._____T'_dY. ... ~..::__-I__-_._-_,__-__r-__I 
1.0 2.0 3.0 4.0 
T or rp (Seconds) 
(b) SOFT SOILS 
Figure 5.4: Basic Seismic Coefficients Proposed in the Draft Code DZ4203:1986 [39] 
The distribution of seismic lateral load applied at level i of the structure shall be obtained 
from 
(5.4) 
where .Ft=addition seismic load to be applied at the top of the structure, Wi and hi=seismic 
weight and height at level i of the structure, respectively. When the natural period of the 
structure in the direction under consideration is less than 0.7 seconds, .Ft shall be taken as 
zero. Otherwise, 
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Ft = 0.08V (5.5) 
and this quantity shall be added to Fi at the top of the structure. 
The displacement ductility factors for ductile moment resisting reinforced concrete frames 
and for reinforced concrete moment resisting frames of limited ductility recommended by 
DZ4203 [39] are 6 and 3, respectively. This can be checked against the values calculated 
using the assumptions of NZS 4203:1984 [30] as follows. Based on the equal displacement 
concept, a relationship between the structural type factor S and the displacement ductility 
factor I-l can be written as: 
4 
SM (5.6) 
where according to the NZS 4203:1984 [30] the structural material factor is taken as M=0.8 
for reinforced concrete, and the structural type factor is taken as S=0.8 for ductile frames, 
S=1.0 to 2.0 for ductile cantilever structural walls depending on the height/horizontal length 
ratio, and S=2.0 for frames and cantilever structural walls of limited ductility. The code 
[30] recommended values for I-l for the frames are then 2.5 and 6.25. In this study 1-l=6 and 
1-l=3, were used for ductile and limited ductile moment resisting frames, respectively. 
A risk factor of R=l.O and a zone factor of Z=0.5 were adopted. However, when the 
response of the buildings under the most severe earthquake generated in New Zealand [65] 
was examined, Z =0.85 was used. 
With member stiffnesses as shown in Table 5.5, and assuming that columns have full base 
fixity, an elastic analysis due to a unit base shear was carried out using a two dimensional 
structure computer program [57]. 
Table 5.5: Assumed Stiffnesses of Structural Members 
Properties Beams Columns 
Area 0.5Ag 0.8Ag 
Shear Area 0.5Av 0.8Av 
Second Moment of Area 0.5Ig 0.8Ig 
Note: Av is shear area, and Ag and Ig are area 
and second moment of area of the gross section, 
respectively. 
According to DZ 4203:1986 [39], the natural period T may be computed from the Rayleigh 
formula: 
T (5.7) 
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where Wi, di and Fi are seismic weight, displacement and lateral load of level i, respectively, 
and g is acceleration due to gravity. 
Defining di as the displacement due to a unit base shear, Eq. 5.7 can be rewritten as: 
(5.8) 
in which Fi/V can be found from Eq. 5.4. This means that the displacement at each level 
due to a unit base shear can be used in calculating T [58]. The calculated T for the buildings 
are given in Table 5.6 below. 
Table 5.6: Natural Period of Limited Ductility and Ductile Buildings 
Number of Storeys T for Buildings LD (sees.) T for Buildings D (sees.) 
Four 0.80 0.80 
Six 1.19 1.15 
Twelve 2.39 2.27 
Note: LD denotes limited ductility and D denotes ductility 
It is worth noting that the values of T for the twelve storey limited ductility buildings are 
slightly different from those for ductile buildings (~ 5%), although the dimensions of the 
two buildings are similar. This is probably due to a small difference in the calculation of 
the weight of the buildings. 
Assuming that the buildings were located on normal soils, the basic seismic coefficient C I-' was 
found from Fig. 5.4 using the appropriate design fl. The base shear V was then calculated 
from Eq. 5.3, and an elastic analysis was carried out to obtain the axial and shear forces, and 
the bending moments, in the beams and columns due to various combinations of loadings 
as given in Eq. 5.2. 
DZ4203:1986 [39] recommends that the maximum difference between the horizontal deflec-
tions of consecutive floor levels shall not exceed Z /50 times the difference in elevation of 
those levels (i.e. drift ~ Z /50). The inclusion of the zone factor Z ensures that the ratio of 
the P - ~ moment to total moment at any level is practically independent on the geographic 
location of a structure. The code limitations for the drifts are 1% and 1.7% for Z = 0.5 and 
Z = 0.85, respectively. 
5.4 Design of Prototype Frames 
5.4.1 General 
In the design of the prototype frames, the design procedure given by Paulay [63] was adopted. 
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A moment redistribution technique developed by Paulay [64] was applied to the beam mo-
ments obtained from elastic frame analysis. The aim of using moment redistribution is to 
utilize as much as possible of the beam moment capacity. For example, NZS 3101:1982 [2] 
recommends that in the potential plastic hinge region the compression reinforcement ratio 
should not be less than half of the tension reinforcement ratio. 
Redistribution of beam moments at column centre-lines was carried out leading to reductions 
of up to 30% of the maximum moment as recommended by NZS 3101 [2]. Redistribution of 
column moments of up to 20% of their maximum original values was also made. 
Once the design actions in columns were calculated, a computer package [66] was used to 
design the columns. The column charts given in the New Zealand Reinforced Concrete 
Design Handbook [67] were used as the first design estimation. 
As mentioned previously, separate design procedures were adopted for designing ductile 
frames and frames of limited ductility. 
5.4.2 Design of Ductile Frames 
General 
The capacity design approach proposed by Park and Paulay [6] was used to design the 
earthquake load dominated ductile frames. In the capacity design, the maximum probable 
actions that can be generated in the beams due to overstrength, need to be estimated before 
the design actions in the columns can be assessed. The column design actions are also 
assessed taking into account the possible effects of higher modes of vibration and concurrent 
loading effects. The procedure is intended to provide a high degree of protection against the 
formation of column sidesway mechanisms in any storey during very severe seismic loading 
[2]. That is, a strong column-weak beam concept is used. This enables the desired mechanism 
of inelastic deformation, namely plastic hinging in the beams is assured. Capacity design 
procedures are also used to provide adequate reserve shear strength in beams, columns and 
beam-column joints. 
The flexural strength requirements for beams and columns, and the-step-by-step design 
procedures, are described in detail in the Commentary of the code [2]. The code also 
specifies the use of a strength reduction factor of <P = 0.9 for the design of beam sections for 
flexure, and <P = 1.0 for the design of column sections and all members and joints for shear, 
with design actions derived from the overstrengths of adjacent members in accordance with 
capacity design. 
Design Actions 
Design of Beams 
The design moment envelopes for the beams, obtained from the elastic frame analysis and 
moment redistribution, were used to proportion the longitudinal reinforcement required in 
the beams. The maximum probable moment input from beam to column, which could 
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develop during large inelastic deformations, was determined using the beam flexural over-
strength factor <Po at the column centre-line at each floor and in each direction of loading. 
<Po is the ratio of the maximum probable flexural overstrength developed by the beam to the 
flexural strength required by the code [2]. 
The design shear forces in the beams were calculated from the combinations of the static 
lateral forces, with the flexural overstrength being developed at the most probable location 
of the critical sections in the beams, and the gravity load with an appropriate load factor. 
Dynamic Magnification of Column Moments 
A dynamic magnification factor w is also introduced to take into account the dynamic effects 
of higher modes of vibration, which result in a departure of the column moment pattern 
from that obtained from an elastic frame analysis for the code static load distribution [2]. 
Higher mode effects are more prominent in the upper storeys and when the natural period 
of vibration of the structures T increases. The code [2] relates wand T as follows: 
For one-way frames 
w = 0.6T + 0.85 (5.9) 
but not less than 1.3 nor more than 1.8. 
For two-way frames 
w = 0.5T + 1.0 (5.10) 
but not less than 1.5 nor more than 1.9. 
In the design examples of frames considered here, it is assumed that the lateral load in the 
other direction is resisted entirely by structural walls, hence the w values for one-way frames 
are used. At roof and base levels, where column plastic hinging is acceptable, w is taken as 
unity. At the top storey, the development of a column sidesway mechanisms is acceptable 
and the minimum value of w=1.3 may be taken. At the first storey a point of contraflexure 
does not normally occur in a column, since the columns are stiff relative to the beams, and 
therefore cantilever action of the columns will dominate. This reduces the effects of higher 
modes and thus w=1.3 can be taken in the first storey. 
Column Design Axial Forces 
Based on the assumption that with an increasing number of storeys the proportion of the 
beam plastic hinges at which the flexural overstrength may simultaneously occur is reduced, 
an axial force reduction factor Rv is introduced [2]. Thus, the earthquake induced axial 
force in a column should not be less than 
(5.11) 
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where I: 'Voe is the sum of the earthquake induced beam shear forces at all floors above 
the level considered, developed at all sides of the column, taking into account the beam 
overstrengths and the appropriate sense of the forces. The Rv factor varies between 0.54 to 
0.97, depending on the number of floors above that level and w. 
Column Design Moments 
The code [2] specifies that in each principle direction, column design moment to be used 
together with the appropriate axial load for the determination of the ideal strength of the 
column, should not be less than 
(5.12) 
or when the total design axial load on the column does not exceed O.lf~Ag, and hence column 
yielding is more acceptable, the design column moment can be reduced and taken as follows: 
(5.13) 
where Meode is column bending moment derived from the code specified seismic loading, Vcol 
is column design shear force and hb is the beam depth. 
The Rm factor varies between 1.0 and 0.3 depending on w and the axial load level. 
Column Design Shear Forces 
The design shear force in a column of one-way frames can be computed from the following 
expressions [2]: 
At upper storey columns 
Vcol = 1. 3 <p 0 Vcode (5.14) 
At first storey columns, in addition to satisfying the requirement above (Eq. 5.14), the shear 
force given by Eq. 5.15 should also be considered: 
Vcol -
Mo,eol + 1.3<PoM eode,top 
In + 0.5hb 
(5.15) 
where Mo,eol is the flexural overstrength capacity of the base section, and Mcode,top is the 
value of Meode for the first storey columns at first floor level. 
For two-way frames, the 1.3 in Eq. 5.14 becomes 1.6, and 1.3 in Eq. 5.15 becomes 1.5. Again, 
in the design examples of frames examined here, it is considered that due to the presence of 
structural walls in the other direction the frames can be treated as one-way frames. 
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Gravity Load Dominated Frames 
In low rise frames, particularly those with long span beams, and commonly in the upper 
storeys of multi-storey frames, often the gravity load rather than seismic load requirements 
will govern the design strengths of beams. This results in flexural strengths of the beams 
which may be greater than those required by the code for seismic loading. The indiscriminate 
application of the capacity design philosophy as described above, to such a structure would 
therefore lead to unnecessary conservatism, particularly in the design of columns. 
To overcome this problem, the formation of plastic hinges in some columns is permitted. 
However, two design criteria should be satisfied: 
• No column sidesway mechanisms (soft storeys) should be able to form. This can be 
achieved by assuring the outer columns remain in the elastic range, and that plastic 
hinges can only form in the inner columns. 
• Reduction of the ductility demand in the frame, since the formation of plastic hinges in 
columns is undesirable. This can be achieved by increasing the lateral load resistance 
of the frame, which means increasing the strengths of the members. As a result, the 
inelastic response of the frame to the design earthquake decreases, and thus reduces 
the ductility demand. Hence, instead of using the capacity design approach, a non-
capacity design approach for frames with less ductility demand could be applied. 
5.4.3 Design of Frames of Limited Ductility 
General 
As mentioned previously, the frames of limited ductility studied here were designed using 
the conventional strength design method rather than the capacity design procedure. 
Design Actions 
The design actions in the beams and columns due to various combination of loadings were 
obtained directly from two-dimensional elastic theory structural analysis, and the members 
were designed according to the most critical combination of loadings. 
A similar amount of redistribution of beam and column moments was also applied to the 
non-capacity designed frames of limited ductility as was used for the capacity designed 
ductile frames. 
The design shear forces of beams are calculated assuming that the flexural overstrengths 
developed at both ends of the beams simultaneously (see Fig. 5.5a), and the design shear 
forces of columns are calculated assuming that moments at both ends of the columns reached 
the code strengths MAGI simultaneously (see Fig. 5.5b). 
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I! 
Figure 5.5: Assumption for Determining Design Shear Forces 
Design Strengths 
The beams and columns were designed such that the dependable strengths in the members, 
that is ¢Y times the ideal strengths, had to be at least equal to the design actions, where 
¢Y=strength reduction factor: 
¢Y 0.9 for flexure 
¢Y = 0.9 for flexure and axial load 
¢Y = 0.85 for shear 
It is worth noting that according to the code [2], a strength reduction factor of ¢y=O.7 
for flexure and axial load shall be used for columns not detailed for ductility, that is if the 
columns are not sufficiently confined for an available curvature ductility factor of <Pu/ <py=20. 
However, since in these frames, confinement for <p1.l/<py=10 is provided, and other brittle 
types of failure are prevented, ¢Y=0.9 was used in the design of these columns. 
5.5 Investigation of Dynamic Behaviour of Frames of 
Limited Ductility 
5.5.1 General 
Since the capacity design procedure is not applied in the design of frames of limited ductility, 
yielding is likely to develop in columns, and brittle failure due to inadequate flexural ductility 
or shear resistance may occur. Therefore, to fully investigate the behaviour of this type of 
frame, the worst condition for the possibility of the formation of the plastic hinges in the 
columns, and the occurence of shear failure, need to be examined. Two sets of dynamic 
analyses were then conducted. 
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5.5.2 Dynamic Analysis to Examine the Flexural Behaviour of 
Columns 
In this case, the beam flexural overstrengths of M = <PoMi were used, where <Po is the beam 
flexural overstrength factor, taken as 1.25, and Mi is the ideal flexural strength ~ Asdyjd, 
where Ast=area of tension steel, fy=yield strength of longitudinal steel, jd=lever arm be-
tween the centroid of tension steel and the centre of concrete compressive block. For columns, 
the flexural strengths of M = <pMACI were used, where <p is strength reduction factor, taken 
as 0.9 and MACI is ideal flexural strength, calculated using the code [2] approach. These 
flexural strengths, with the greatest beam strengths and the smallest column strengths, will 
result in the greatest column plastic hinge rotations and the most likely situation for the 
formation of a column sidesway mechanism. 
5.5.3 Dynamic Analysis to Examine the Shear Behaviour of Columns 
As for the examination of the flexural behaviour, the beam flexural overstrengths of M = 
<PoMi were used. For columns however, the real flexural strengths of M = <pMreal were 
used, where Mrea1 is real flexural strength, taking into account enhancement in concrete 
strength due to confinement, and increase in steel stress due to strain hardening. In this 
calculation, Pe was used, and the strength was taken as the maximum moment reached 
before the curvature exceeds five times the yield curvature r.py. These flexural strengths, with 
the greatest beam strengths and the greatest column strengths, will result in the greatest 
shear forces. 
5.6 Computer Modelling and Selected Ground Accel-
eration Record 
5.6.1 Computer Program 
The two-dimensional inelastic time-history analysis program RUAUMOKO [55] was used to 
investigate the response of the designed structures under simulated seismic attack. 
In this program, a step-by-step numerical integration process is used to solve the equations 
of motion governing the response of a structure to a given input base excitation. The 
time step, /:).t used for the numerical integration process is an important parameter. In 
RUAUMOKO, the numerical integration is based on the Newmark f3 = l scheme [59]. 
Instability in analysis may arise if /:).t is not sufficiently small due to response phase shift, 
implicit equivalent damping of the integration technique, and amplitude modification. Two 
main factors which influence the value of ~t are the economic feasibility and the need to 
ensure stability. Generally, a time step must be sufficiently smaller than the lowest period 
of vibration. For a framed structure, a time step of 1/100 sec. is normally sufficient. 
The program also requires the specification of stiffness properties (axial and shear areas, 
moment of inertia, Young's and shear moduli) which are considered constant throughout 
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the time history analysis. Below flexural yield conditions, no adjustment is made to member 
stiffnesses which might represent the effects of cracking, previous inelastic deformations, and 
changing axial load in columns. 
Structural components are modelled by a one dimensional prismatic member element with a 
spring hinge at each end. The nonlinear ends of the elastic member model incorporate rigid 
end blocks which locate, through a modification to the transformation matrix, the potential 
yielding section away from the intersection of the member centre lines. 
The mass of a prototype frame can be modelled as either equivalent lumped masses at the 
nodes or as consistent distributed mass in the structural members [62]. 
The secondary moment P - 6. is also included in the program. At each time step, the 
member properties are redefined in terms of the updated joint coordinates. 
Four viscous damping models are available, namely Rayleigh [60] damping models using 
either initial or tangent stiffness, and two other models with linear and trilinear variation 
of damping with initial elastic natural frequencies. The Rayleigh damping model based 
on initial stiffness is usually preferred to that based on the tangent stiffness. The stiffness 
degradation of a structure after yielding means that damping based on the tangent stiffness 
decreases during the excursions which is not consistent with the intuitive idea that damping 
should increase with the onset of plasticity. However, it has been shown, that the Rayleigh 
damping model based on the tangent stiffness might lead to realistic results [61]. 
The velocity-dependent viscous damping force matrix [C] is computed from 
(5.16) 
where [M] is system generalized mass matrix, and for Rayleigh damping model based on 
initial stiffness, [K] is initial stiffness matrix. The coefficients al and a2 are calculated from 
2(W1Al - W2A2) 
wi -W~ 
(5.17) 
(5.18) 
where WI and W2 are any two circular frequencies, and Al and >'2 are the respective fractions 
of critical damping applicable to the vibration modes with the frequencies mentioned. Other 
modes are constrained to have amounts of viscous damping such that: 
(5.19) 
5.6.2 Input for Dynamic Analysis 
The computer program RUAUMOKO [55] requires the following information as input data: 
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CD Nodal geometry. The geometrical position of nodes must be provided to define the 
structure. Some information regarding possible nodal fixity or inter-nodal coupling is 
also given 
It Member positions. All members making up the structure are specified by reference to 
the nodes which bound the members 
It Stiffness properties. For each member, values of cross-sectional area, shear area and 
second moment of area are required. The member stiffness used in the design, which 
is simply assumed to be a fraction of the stiffness based on the gross section is shown 
in Table 5.6. Young's and shear moduli were taken as 25 and 11 GPa, respectively 
\It Length of Rigid End Blocks. The lengths of rigid end blocks for beams and columns 
were taken as one-half of the column and beam depths, respectively 
• Strength properties. The strengths of the columns were given in the form of the 
simplified moment-axial load interaction diagram shown in Fig. 5.6. 
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Figure 5.6: Axial Force Moment Yield Interaction Surface 
The values of the flexural strengths of beams and columns supplied for non-capacity 
designed and capacity designed frames were given as follows: 
For non-capacity designed frames of limited ductility 
The strengths of beams and columns were calculated as mentioned in Section 5.5. To 
obtain the moment-axial load interaction diagram for the columns, the concrete com-
pressive strength f~ was used for the flexural investigation, and the confined strength 
of concrete f:X was used for the shear investigation. 
For capacity designed ductile frames 
The beam flexural overstrengths of M = <PoMi, and the column flexural strengths of 
M = <pMACI were used, with <p is strength reduction factor = 1.0. 
n is worth noting, that for beams and columns in frames of limited ductility, and 
for beams in ductile frames, where flexural yielding is expected, the strengths were 
multiplied by 0.95, to allow for a moment overshoot before the flexural yielding was 
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detected during the tracking of the moment-curvature hysteresis loops. This over-
estimation of moment results from the assumption of linear behaviour for the duration 
of each constant length time step. 
The bilinear moment-curvature hysteretic model, illustrated in Fig. 5.7, with a factor 
controlling post yield stiffness of r = 0.02, was used for the beams and columns. 
M 
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Figure 5.7: Bi-linear Moment-Curvature Hysteresis Model Used in Dynamic Analysis 
o Nodal masses. Lumped nodal masses and inertia are required for the horizontal, 
vertical and rotational degrees of freedom to calculate the inertia forces and moments. 
The nodal masses were assessed using a tributary area approach, and the nodal weights 
were calculated as the sum of the external vertical loads and the internal beam shears. 
Rotational inertias were approximated as the off diagonal term of the consistent mass 
matrix [62] of a straight beam segment with uniformly distributed mass and was taken 
as E(ml/420) x 4[2, where m=the mass per unit length, based on the gravity load of 
D + Lr /3, and l=the length of each member connected to the node. 
.. Miscellaneous data. Some additional information such as the time step D.t used in the 
numerical solution of the equations of motion, and the fraction of critical damping are 
needed. A value of D.t=O.Ol sec., and Rayleigh damping based on the initial stiffness 
with 5% of critical damping to the first and fifth modes of vibration were used in the 
analysis. This value of damping is commonly accepted as reasonable for reinforced 
concrete structures. 
5.6.3 Sources of Inaccuracy in Time History Analysis 
Due to the unsophisticated nature of modelling and selection of input data, some inaccuracies 
may occur in a time history analysis as listed below: 
Modelling 
o The assumed deformation patterns, which are based on finite element models may not 
fit some types of member well. 
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CD The basic stiffness of members is generally held constant throughout the analysis, 
regardless of the influence of varying axial load. 
• The viscous damping models used may not accurately reflect the true nature of the 
phenomenon. 
• The behaviour of a structure obviously depends on the effects of torsion on members 
and on three dimensional effects. However, the modelling does not include these effects. 
• The influences of non-structural elements and site conditions are not taken into ac-
count. 
Input Data 
CD The assumed stiffness of the structural elements may not accurately reflect the effect 
of cracking and degradation of material properties of the elements. This affects the 
frequency characteristics of a structure, which may result in different deformation 
responses. 
• The actual strengths of the members may not be accurately estimated, which will 
influence the onset of yielding and thus the overall response of the structure. 
• The assumptions of full base fixity and floor slab rigidity may not be precise. 
«I The use of historical earthquake records, which were strongly affected by local condi-
tions, may not accurately reflect typical ground motions. 
5.6.4 Selected Ground Acceleration Records 
General 
Due to the large computing time required to produce a time history response of a non-linear 
two-dimensional frame, it was decided to use only four ground motion records, namely 
the EI Centro May 1940 North- South component, Parkfield No. 2 June 1966 North 65°-
East component, Pacoima Dam February 1971 South 14°-West component and an artificial 
generated NZS4203A earthquake records. For the first three records, the buildings were 
subjected to the first fourteen seconds of strong motion only. However, since the artificial 
earthquake has a long duration of strong motion, the first twenty second motion were applied 
to the buildings. The reasons for the selection of these particular earthquake records are 
given below. 
EI Centro May 1940 N-S Component Record 
The 1940 Imperial Valley, California earthquake had a magnitude of 6.4 on the Richter 
scale. The EI Centro accelerograph, 9 km from the epicentre, was the first accelerograph 
recorded in the immediate region of a moderately strong seismic event. Until the Parkfield 
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earthquake in 1966, the EI Centro peak ground acceleration of 0.34g was the largest ground 
motion ever recorded. For those reasons, the EI Centro ground motion has been used as the 
basis for the design response spectra in many countries including New Zealand [29,30,39]. It 
was therefore considered necessary to study the response of the structures under this ground 
motion. 
Parkfield June 1966 No.2 N65°E Component Record 
The 1966 Parkfield earthquake had a magnitude of only at 5.6 on the Richter scale. However, 
propagation of rupture towards the No. 2 station resulted in a considerable concentration 
of energy in the motion in the direction of this station. The maximum ground acceleration 
recorded at the Parkfield No.2 accelerograph, which was located at 32 km from the epicentre, 
was 0.48g. Since this record ranks as the second strongest ground motion record after the 
Pacoima Dam, it was considered reasonable for use in this study. 
Pacoima Dam February 1971 S15°W Component Record 
Although the 1971 San Fernando earthquake had a magnitude of only 6.4 on the Richter 
scale, the Pacoima Dam ground motion which was recorded at 9 km from the epicentre is the 
strongest ever measured and had a maximum ground acceleration of 1.15g. The Pacoima 
Dam accelerogram has exceptionally long duration pulses which results in very large ground 
velocity increments and thus imposes large displacement excursions on a structure. This 
ground motion was selected in this study since it represents the upper bound to a possible 
seismic event, in the context of the New Zealand seismicity. 
Artificial Generated NZS4203A Earthquake Record 
An artificial earthquake record was generated using SIMQKE [65] to match the design 
acceleration response spectra proposed in the draft DZ4203:1986 [39] for the most severe 
seismic zone in New Zealand. This record can then be considered as a typical earthquake 
in New Zealand, and therefore it is of interest to study the response of the buildings under 
this earthquake record. With a zone factor of Z = 0.85, the behaviour of the non-capacity 
designed buildings under this record was examined, although the buildings were designed 
for Z = 0.5. 
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5.7 Inelastic Dynamic Response of Non-Capacity De-
signed Frames of Limited Ductility and Compar-
ison with the Inelastic Dynamic Response of Ca-
pacity Designed Ductile Frames 
5.7.1 Inelastic Dynamic Response of Non-Capacity Designed Frames 
of Limited Ductility 
The Response Analyses 
The response of the four, six and twelve storey frames designed for limited ductility, un-
der the above earthquake records was analysed. The envelopes of the extreme structural 
deformations and member actions are presented as follows: 
It inter-storey drifts; 
• column axial forces; 
• beam and column bending moments, shear forces, plastic rotations and curvature 
ductility demands; 
• the development of plastic hinge formation during the excitations. 
For comparisons of shear forces, the results obtained from the second set of dynamic analysis 
were used. For the other comparisons, the results of the first set of dynamic analysis were 
used. 
It should be noted that some of the observed values are not drawn on the graphs due to 
their similarity with the values obtained from the other earthquake records. An outline of 
the information presented in subsequent figures is given below. 
Interstorey Drifts and Displacements 
The inter-storey drift envelopes and the maximum horizontal displacement response at the 
top storeys, observed during the excitations are presented. The maximum interstorey drifts 
permitted by the draft code DZ4203:1986 [39] of Z/50 (Z=zone factor) are shown. For 
Z = 0.5 and Z = 0.85, the code limitations for the drifts are 1.0% and 1.7%, respectively. 
Maximum and Minimum Column Axial Forces 
The maximum and minimum axial force envelopes in columns obtained from the dynamic 
analyses are presented, and are compared with the design axial forces calculated from elastic 
frame analysis. The maximum design axial load Pdes was found from the combination of 
1.2D + 1.2Ls + E or 1.2D + 1.6Lr, and the minimum design axial load was found from the 
combination of 0.9D - E. 
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Maximum Beam and Column Bending Moment Envelopes 
The dependable flexural strengths of the beams after moment redistribution, calculated as 
0.9Mj ~ 0.9Astiyjd, and the flexural overstrengths of beams of 1.25Mj, are compared with 
the maximum moment envelopes which occurred during the excitations. In frames of limited 
ductility, higher beam flexural strengths are available, which means that the extent of plastic 
hinge rotations of the beams are not as severe as that in ductile frames. From the response of 
the frames, it was shown that the percentage of moment redistributed as mentioned earlier 
was not excessive. 
The dependable flexural strength of the columns cPMAGI was calculated using the code [2] 
approach. In the calculation of the real flexural strength of columns Mreal, which take 
into account the contribution of the enhancement of the concrete compressive strength due 
to confinement and the strain hardening of longitudinal steel, the stress- strain curves for 
confined concrete and steel due to Mander et al. [3] were adopted. Since the columns are 
expected to have limited ductility, the amount of confining reinforcement provided was found 
from the refined design equation derived in Chapter 4 to achieve a curvature ductility factor 
of 'Pmax/'Py=10. Using the axial loads obtained from the dynamic analyses, the real flexural 
strength M rea1 can be found. Both the cPMAGI and Mreal are compared with the maximum 
observed moment envelopes. 
The bending moment envelopes presented, are the maximum values, which occurred at either 
end of the beams, and at the top or bottom ends of the columns. 
Maximum Beam and Column Shear Envelopes 
The design shear forces of beams, obtained from the assumption as shown in Fig. 5.5a, are 
compared with the shear forces observed during the dynamic analyses. 
The design shear forces of columns calculated assuming that moments at both ends of 
the columns reached the code flexural strengths MAGI simultaneously (see Fig. 5.5b), are 
compared with the observed shear forces. The shear forces calculated assuming that the 
real flexural strengths M rea1 reached at both ends of the columns are also plotted. This will 
give an understanding of whether the design shear force based on the MAGI is adequate or 
a higher design shear force based on the Mreal has to be used. 
Maximum Beam and Column Curvature Ductility and Plastic Rotation 
The curvature ductility demands in beams and columns observed during the seismic ex-
citations 'Pmax/'Py are derived. For beams, the values were calculated from the computer 
program [55]. For columns, the program calculates the yield moment and curvature based 
on the axial load at the balance point. The real yield moment and curvature however, should 
be based on the real axial load occurred during the excitations. In this study, these values 
were obtained from a monotonic moment-curvature analysis. 
The maximum plastic rotations, may be written as: 
e ( \~ ('P
1
:
y
ax 
- l)lnyt1p p = 'Pmax - 'Py /"P = r T 'to. (5.20) 
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In this calculation, tp is the equivalent plastic hinge length, and may be taken as one-half of 
the beam and column section depths [14]. 
More ductile behaviour (that is greater available 'Pu/'Py) can usually be expected in beams 
than in columns, which means that larger plastic rotations can be sustained in the beams. 
However, in a limited ductility frame, greater flexural strengths are available, and therefore 
the plastic rotation demand in the beams is not so large. Hence the required level of 
ductility can generally be achieved easily. For columns however, more stringent requirements 
are needed to provide adequate ductility. For this reason, the plastic rotation demand in 
columns is usually of greatest interest. 
In a column section oflimited ductility, 'Pmax/'Py=10 has been considered to be sufficient for 
the ductility demand (refer to Chapter 4). Eq. 5.20 then indicates that the column plastic 
hinge rotation obtained during dynamic analysis should not exceed 
(5.21 ) 
From the first principles, 'Py(h/2) can be considered to be reached when the concrete com-
pressive strain €c at the extreme compressive fibre is approximately 0.002. A plastic rotation 
of Bp=0.018 rad. can be considered as a reasonable maximum available value in a column 
section of limited ductility. It was observed during the analyses that only a few columns 
underwent significant plastic rotations. It was decided therefore to compare the maximum 
plastic rotations in those columns with the value of 0.018 radians. 
To provide more information however, the observed plastic rotation envelopes in the beams 
are also derived and plotted. 
Development of Plastic Hinges 
The main objective in this study was to investigate whether column sidesway mechanisms 
occurred or not during the excitations, if the columns are not protected against hinging 
using the capacity design approach. And if such mechanisms do occur, what is the largest 
curvature ductility demand in the columns. 
From the dynamic analyses, the graphs illustrating the sequence of the formation of the 
plastic hinges in the structural members at each time step can be obtained. However, the 
graphs only show the instants when major changes in the formation of the plastic hinges 
occurred. 
Since the program calculates the yield moment and curvature based on the axial load at 
the balance point H, and not the real axial load observed during the excitation, the plastic 
hinge rotations in the columns plotted in the graphs could be unrealistic. 
Results for the Four Storey Building 
The results obtained from the dynamic analyses in terms of the interstorey drift index, axial 
force, bending moment, shear force, curvature ductility factor and plastic hinge formation 
during the seismic excitations for the four storey frame are shown in Figs. 5.8 to 5.15. 
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The horizontal displacements at the top storey obtained from the dynamic analyses indicated 
that the maximum displacements were 0.39%, 0.69%, 0.82%, and 0.42% of the total height 
of the building during the response to the EI Centro, Parkfield, Pacoima Dam and Artificial 
generated New Zealand earthquakes, respectively. 
Fig. 5.8 shows the inter-storey drift envelopes during the excitations. Clearly, the maximum 
drift recorded during the El Centro and Parkfield excitations of 0.44% and 0.75% were 
less than the code limitation of 1.0%. However, during the Pacoima Dam excitation the 
maximum inter-storey drift imposed was 1.2%, which was larger than the code limitation 
[39]. The drift observed during the Artificial earthquake of 0.5% was less than the drift 
index specified by the code for the highest seismic zone of 1. 7%. 
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Figure 5.8: Maximum Inter-Storey Drift Envelopes·for Non-Capacity Designed Four Storey 
Frame of Limited Ductility 
The observed axial loads in the columns were generally within the maximum and minimum 
design envelopes (see Figs. 5.9a,b and Figs. 5.10a,b). For the exterior columns, the observed 
values of the maximum axial forces were very similar to the design forces. The observed 
minimum axial forces however, were slightly less than the design forces. This indicates that 
the induced axial tension forces due to earthquakes were larger than those assumed in the 
design. However, since the observed minimum axial forces were still in compression, uplift 
of the substructure due to the earthquake induced tension axial forces did not occur. 
For the interior columns, the observed axial forces were quite similar during all seismic 
excitations, since the axial forces induced by an earthquake were insignificant in the interior 
columns, and therefore the observed axial forces were mainly due to a gravity load of D + 
L r /3, which is assumed to be the most likely gravity load that occurs during an earthquake. 
The maximum design values were larger than the maximum observed values, because the 
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design values were governed by 1.2D + 1.6Ln which are much larger than those due to 
D + L /3 + E adopted in the dynamic analyses. It is worth noting that E is reasonably 
small for the interior columns. On the other hand, the minimum observed values were 
greater than the design values, since the minimum design axial forces were governed by 
0.9D-t; while the observed forces were determined by D + L /3 - E. 
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Figure 5.9: Maximum and Minimum Axial Force Envelopes for Exterior Columns m 
Non-Capacity Designed Four Storey Frame of Limited Ductility 
The envelopes for the maximum bending moments in the beams, shown in Fig. 5.11a, indicate 
that the overstrength moments were reached by the observed values. However, at the first 
floor, the observed moments were larger than the overstrength moments. This was possible 
due to the bi-linear hysteresis rule used in the analyses, which had a post-yield strength r 
of 0.02. At the other floors, the observed values were only slightly greater than the design 
values. At the top floor, the observed values were almost similar to the overstrength values. 
Compared with those resulted from the other excitations, the moments reached during the 
Pacima Dam record were the largest. For comparison, the design bending moments of 0.9Mi 
were also plotted (Fig. 5.l1a). Obviously, the design moments were less than those observed 
during the seismic excitations. 
For the exterior columns, the envelopes for the observed maximum bending moments ex-
ceeded the code design flexural strengths in the columns. The real flexural strengths based 
on the confined concrete, were reached by most of the columns, as illustrated in Fig. 5.11b, 
except for the column at the second floor, where only the observed bending moment during 
the Pacoima Dam earthquake was greater than the design moment. 
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Figure 5.10: Maximum and Minimum Axial Force Envelopes for Interior Columns III 
Non-Capacity Designed Four Storey Frame of Limited Ductility 
Fig. 5.11c shows that the design bending moments were attained by most of the interior 
columns, except for the column at the second level. At the first level, the observed bending 
moments during the Pacoima Dam was greater than the design moment. However, the real 
flexural strengths of the columns were not reached. 
Fig. 5.12 illustrates the design and the observed shear forces for the beams, exterior and 
interior columns. As indicated in Fig. 5.12a, the design shear forces of the beams assuming 
that the overstrength moments developed at both ends of the beams, were reasonably close to 
the observed forces. The observed shear forces during the EI Centro and Parkfield excitations 
were quite similar. 
It is obvious from Figs. 5.12b and c, that the design shear forces based on the assumption 
that MACI developed at the both ends of the columns were sufficient. The shear forces 
calculated assuming that the both ends of the columns reached their real flexural strength 
were much larger than the observed shear forces. The shear forces observed during the 
Pacoima Dam and the Artificial New Zealand earthquakes were generally greater than those 
observed during the Parkfield and the EI Centro excitations. 
Fig. 5.13a indicates that the required ductility demand decreases at the higher floors. A 
maximum 'Pmax/'Py in the beams at the first floor of 5.9 was observed during the Pacoima 
Dam excitation. 
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Non-Capacity Designed Four Storey Frame of Limited Ductility 
From the observed curvature ductility factors 'Pmax/'Py in the columns shown in Figs. 5.13b 
and c, it was found that the largest 'Pmax/'Py demand was 2.7 and 3.0 for the exterior and 
interior columns, respectively, which occurred at the base, and were recorded during the 
Pacoima Dam excitation. During the EI Centro and the Artificial New Zealand earthquakes, 
the exterior columns remained in the elastic range. Moreover, under these excitations, the 
largest curvature ductility demand required by the interior columns at the first level, where 
yielding mostly occurred, was only about 1.2. 
Due to very small plastic rotations that occurred, only the plastic rotations in the beams 
are plotted (see Fig. 5.14). It can be seen that the maximum observed plastic rotation was 
only 0.0022 rads., and recorded during the Pacoima Dam excitation. 
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Figure 5.14: Maximum Plastic Rotation Envelopes for Beams in Non-Capacity Designed 
Four Storey Frame of Limited Ductility 
As mentioned previously, a plastic rotation of up to 0.018 rad. is generally available in a 
column section of limited ductility. From the calculated plastic rotations in the columns as 
given in Table 5.7, it can be seen that the maximum observed plastic hinge rotations in the 
exterior and interior columns were only 0.0036 and 0.0042 rads., and occurred at the base 
of the columns during the Pacoima Dam excitations. 
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Table 5.7: Maximum Plastic Rotations Occuring in Columns in the Non-Capacity Designed 
Four Storey Frame of Limited Ductility (in rad.) 
Exterior Column Interior Column 
EI Centro - -
Parkfield 0.0008 (ground) 0.0014 (ground) 
Pacoima Dam 0.0036 (ground) 0.0042 (ground) 
NZ Artificial - -
The response of the building during the Pacoima Dam excitation was the most severe. For 
this reason, only the formation of plastic hinges during the Pacoima Dam excitation is shown 
(see Fig. 5.15). It can be seen that the maximum number of the plastic hinges formed in the 
columns was 6, The plastic hinges developed at both ends of the lower interior columns, and 
at the bottom end of the exterior columns at the ground floor during the interval of 2.96 
to 2.98 secs., 3.34 to 3.56 secs, and 4.10 to 4.15 secs. However, soft storey mechanisms did 
not occur throughout this excitation, which has been considered as the strongest credible 
seismic event. 
2. 67sees 2.73 2.82 2.96 2.99 3.28 
3.36 3.53 3.56 3.92 4.02 4.10 
4.55 5.73 5.81 5.92 6.20 7.40 
7.50 7. 74 8.59 8.66 9.07 9.42 
Ell Positive rotation 
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Figure 5.15: The Sequence of the Development of Plastic Hinge Formation in Non-Capacity 
Designed Four Storey Frame of Limited Ductility During the Pacoima Dam Excitation 
(Seconds After Start of Earthquake) 
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Results for the Six Storey Building 
The observed m~imum displacements at the top storey during the EI Centro, Parkfield, 
Pacoima Dam and Artificial generated New Zealand earthquakes were 0.35%,0.52%,0.85% 
and 0.74% of the total height of the building. It is shown in Fig. 5.16 that the maximum 
drifts occurred at the first floor, and were 0.44%,0.94%, 1.74% and 1.0% during the above 
excitations. Except for that observed during the Pacoima excitation, the drift limitations 
specified by the code [39] of 1.0% for the buildings located at the region with Z =0.5, and 
of 1.7% for the buildings located at the region with Z=0.85, were not exceeded. 
The maximum and minimum axial force envelopes for the exterior and interior columns 
observed during the excitations were reasonably close to the maximum and minimum design 
axial forces (see Figs. 5.17a,b and Figs. 5.18a,b). Similar comments to the results for the 
four storey frame are applied. The maximum design values exceeded the observed values, 
and the minimum design values were less than the observed values in the case of the interior 
columns, but slightly greater than the observed values in the case of the interior columns. 
It should be noted that due to the configuration of the building, the axial forces induced by 
earthquakes are practivally zero for the interior columns. 
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Fig. 5.19a compares the observed maximum bending moment envelopes in the beams with 
the overstrength moments of the beams used in the dynamic analyses. The overstrength 
moments of the beams at the low storeys were smaller than the observed values. At the top 
floor however, only the observed moment under the Pacoima Dam excitation reached the 
overstrength moment. 
As shown in Figs. 5.19b and c, the code design moments of 0.9MAC1 for the columns at 
all levels, were generally exceeded during most of the excitations. During the EI Centro 
excitation however, the design moments were not even reached, at the middle levels of the 
structure. The real flexural strengths of the columns, which were based on the confined 
strength of concrete to achieve a curvature ductility factor of <.pmax/<.py=lO, were equal or 
greater than the observed moments. As expected, the Pacoima Dam earthquake gave the 
largest response, followed by the Artificially generated New Zealand, Parkfield and EI Centro 
earthquakes. 
The design shear forces in the beams calculated from the assumption shown in Fig. 5.5a, 
were found to be sufficient (see Fig. 5.20a). The maximum shear forces observed under the 
earthquake records used in this study were quite similar to each other. 
As illustrated in Figs. 5.20b and c, the design shear forces in the columns, based on the 
assumption that the code flexural strengths developed at both ends of the columns, were 
adequate under all seismic excitations. At the second to forth levels, the design shear forces 
were very conservative. Obviously, the design shear forces calculated from the real flexural 
strengths developed at the columns would be unnecessarily conservative. 
Fig. 5.21a, which shows the curvature ductility factor envelopes for the beams indicates 
that a curvature ductility factor of approximately 9.0 was required in the beams during 
the Pacoima Dam excitation. The largest curvature was recorded at the first floor and 
curvatures became less at the higher floors. 
As shown in Figs. 5.21b and c, maximum curvature ductility factors of <.pmax/<.py=3.2 and 
3.4 were observed at the base of the exterior and interior columns during the Pacoima Dam 
excitation. The graphs indicate that the plastic hinge rotation was greatest at the ground 
and roof levels. The response of the building under the EI Centro excitation was very good, 
the required curvature ductility was insignificant. 
The maximum plastic rotation envelopes for the beams plotted in Fig. 5.22 also show that 
only small plastic rotations required in the beams. As listed in Table 5.8, the largest plastic 
rotation of 0.0044 rad. was recorded at the base of the interior columns during the Pacoima 
Dam excitation. 
The graphs showing the sequence of the formation of plastic hinges during the Pacoima Dam 
excitation pointed out that the plastic hinges formed in both the beams and columns. The 
m9>ximum number of the plastic hinges developed was 18 and 12 plastic hinges formed in 
the beams and columns at 3.50 secs. (see Fig. 5.23). 
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Table 5.8: Maximum Plastic Rotations Occuring in Columns in the Non-Capacity Designed 
Six Storey Frame of Limited Ductility (in rad.) 
Exterior Column Interior Column 
EI Centro - -
Parkfield 0.0021 (ground) 0.0016 (ground) 
Pacoima Dam 0.0038 (ground) 0.0044 (ground) 
NZ Artificial 0.0030 (ground) 0.0019 (ground) 
Less column hinges formed during the EI Centro and Parkfield records. Although the ar-
tificial earthquake used in this study is for the most severe seismic zone, the plastic hinges 
formed during this excitation were less than those recorded during the Pacob:na Dam with 
a lower seismic zone factor. 
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Results for the Twelve Storey Building 
The inter-storey drift envelopes shown in Fig. 5.24 indicate that during the Parkfield and 
Pacoima Dam excitations the drift limitation specified by the code was exceeded. Maximum 
drifts recorded were 0.61 %, 1.13%, 1.66%, and 1.08%, during the EI Centro, Parkfield, 
Pacoima Dam and Artificial earthquake excitations, respectively. 
The maximum displacements at the top storey observed under the El Centro, Parkfield, 
Pacoima Dam and Artificial earthquake records, were 0.38%, 0.71%, 0.86%, and 0.49% of 
the total height of the building. 
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The maximum observed axial force envelopes for the exterior and interior columns during the 
excitations were well within the maximum design axial forces. As for the previous buildings, 
the minimum observed axial forces were less than the design values (see Figs. 5.25a,b and 
Figs. 5.26a,b). The response of the building due to the EI Centro earthquake was the most 
satisfactory, and the response due to the Pacoima Dam earthquake was the most severe. 
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Fig. 5.27a shows the maximum bending moment envelopes for the beams. The flexural 
overstrength in the beams of 1.25Mi were generally reached by the moments obtained from 
the dynamic analyses. The observed moments at the first floor during the Pacoima Dam 
excitation give the largest response, followed by those obtained from the Artificial New 
Zealand, Parkfield and EI Centro records. From the sixth floor upwards, all of the excitations 
indicated the similar response. As expected, the dependable strengths were less than the 
observed values. 
Due to the use of bilinear moment-curvature hysteresis loops in the analysis, which had a 
post-yield stiffness of r=O.02, the observed bending moments in some columns were larger 
than the code design flexural strengths. This was observed in the columns below the seventh 
level (see Figs. 5.27b and c). Except for the columns at the ground level, the real flexural 
strengths were never reached at the columns. 
The observed bending moments in the columns at the ground level however, exceeded the 
code flexural strengths of O.9MAC1 and even the real flexural strengths Mrea1 • This is proba-
bly due to the smaller axial forces observed during the dynamic analyses than the maximum 
design axial forces, which resulted in the higher available flexural strength capacities of the 
columns as indicated by the axial force-bending moment interaction diagram below (see 
Fig. 5.28). 
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Figure 5.28: Column Axial Force-Bending Moment Interaction Diagram 
The shear force envelopes for beams are illustrated in Fig. 5.29a. It is evident that the 
beam shear forces derived from the flexural overstrengths reached at each end of the beams 
simultaneously, were satisfactory. 
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The shear forces in the columns, calculated using the code flexural strength M ACI , and the 
real flexural strength Mreal, developed at both ends of the columns are compared with the 
observed shear forces in Figs. 5.29b and c. Obviously, the shear force based on the MACI, 
which was smaller than that based on the Mreal, was adequate. 
The curvature ductility factor envelopes for the beams and columns shown in Figs. 5.30a,b 
and c, indicate that the curvature ductility demands were very small. For the beams, 
the largest 'Pu/'Py of 8.1 was recorded during the Pacoima Dam excitation. The curvature 
ductility factors required at the exterior and interior columns under the EI Centro ground 
motion, were negligible. Under the Pacoima Dam excitation, which gave the most severe 
response, the recorded 'Pu/'Py were 6.6 and 4.0 at the exterior and the interior columns, 
respectively. 
As mentioned previously, because of the small plastic rotations observed, only the plastic 
rotations in the beams are plotted (see Fig. 5.31). The maximum plastic rotations which 
occurred in the columns are listed in Table 5.9. These values were much smaller than the 
plastic rotation generally available in a column of limited ductility, namely 0.018 radians. 
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Table 5.9: Maximum Plastic Rotations Occuring in Columns in the Non-Capacity Designed 
Twelve Storey Frame of Limited Ductility (in rad.) 
Exterior Column Interior Column 
El Centro 0.0011 (4th level) -
Parkfield 0.0021 (ground) 0.0011 (ground) 
Pacoima Dam 0.0059 (ground) 0.0044 (ground) 
NZ Artificial 0.0037 (gropund) 0.0026 (ground) 
Fig. 5.32 shows the instants of the development of plastic hinges during the Pacoima Dam 
excitation. It can be seen that most of the plastic hinges occurred in beams although at 
some instants, plastic hinges did occur in the columns. However, the maximum curvature 
ductility demand in the columns was less than 10 (see Fig. 5.30), and no column sidesway 
mechanisms were detected. 
5.7.2 Comparison of the Inelastic Dynamic Response of Non-
Capacity Designed Frames of Limited Ductility and Capac-
ity Designed Ductile Frames 
The inelastic dynamic responses of the non-capacity designed frames of limited ductility and 
capacity designed ductile frames are compared below and the features of both design pro-
cedures are discussed. The non-capacity designed buildings of limited ductility are denoted 
as Buildings LD, and the capacity designed ductile buildings are denoted as Buildings D. 
As mentioned previously, the four storey ductile frame was designed according to the current 
code requirements [2,39], and the six and twelve storey ductile frames were designed accord-
ing to the requirements of DZ3101:1978 [10] and NZS4203:1976 [29]. The design procedures 
described in Section 5.4.2 were adopted. 
For the six storey ductile frame, three earthquake records were applied, namely the EI Centro 
and Parkfield records with and without the P -.6. effects and the Pacoima Darn record. For 
the twelve storey ductile frame, two earthquake records were applied, namely the EI Centro 
and Pacoima Darn records with and without P - .6. effects. 
The seismic response of the ductile frames is compared with that of the frames of limited 
ductility in terms of the inter-storey drifts, column bending moments and shear forces, plastic 
rotation demands, and the required quantities of longitudinal and transverse reinforcement 
in the beams and columns. 
The inelastic dynamic response of capacity designed ductile buildings (Buildings D) is shown 
in Figs. 5.33 to 5.40. It can be seen that the response is very satisfactory. The observed 
bending moments and shear forces in the columns were generally well within the design 
envelopes. The plastic hinges developed at the chosen regions, while the other regions re-
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mained in the elastic range. This indicated that the behaviour of the buildings was controlled 
very well. The complete description of the performance of the six and twelve storey ductile 
frames under the simulated seismic attacks can be found in Ref. [54]. 
With regard to the columns, the plastic rotation envelopes for Buildings D indicated clearly 
that yielding only occurred at the base and roof levels. As shown in Tables 5.7 to 5.9, 
some columns up the height of the Building LD did develop plastic rotations during the 
excitations. However, the plastic rotations at the columns of Buildings LD were very small, 
although the columns were not designed to be protected from plastic hinging. 
It is obvious that the behaviour of the buildings designed using the non-capacity design 
procedure (Buildings LD) was reasonably good. The plastic rotation and ductility demand in 
the columns were very small even under the most severe seismic event such as Pacoima Dam 
earthquake. The buildings satisfactorily withstood this most severe earthquake, although 
they were designed for less severe earthquake. 
Tables 5.10 to 5.15 compare the basic dimensions of beams and columns, and the required 
longitudinal reinforcement contents in the beams and columns of the four, six and twelve 
storey capacity designed, and non-capacity designed buildings. Note that the values of Pt 
sJ;1own in Tables 5.11, 5.13 and 5.15, are for both top and bottom ends of each column. 
Since the Buildings LD were designed for high~r seismic loading, it is obvious that the 
longitudinal reinforcement content in the beams of the Buildings LD was generally larger 
than that of the Buildings D. Conversely, less quantities of longitudinal reinforcement were 
provided in the columns of the Buildings LD than that of the Buildings D, since the columns 
of the Buildings D were designed using the capacity design procedure. 
The smaller ductility demand in the beams of the Buildings LD means that less stringent 
requirements for the quantities of transverse reinforcement are needed for beams inframes 
of limited ductility than for beams in ductile frames. 
A quantity of transverse confining reinforcement to satisfy a required curvature ductility 
factor of 10 is adequate for all columns of the Buildings LD. Columns at the base and roof 
levels in the Buildings D need to be designed for adequate ductility (say, to satisfy a required 
curvature ductility of 20), while the other columns can be expected to remain in the elastic 
range, and the quantity of confining reinforcement needed is only one-half of that required 
for adequate ductility [2]. The transverse reinforcement required for concrete confinement 
pa, calculated from Eq. 4.39 in various storeys are given in Tables 5.16 to 5.18. It is obvious, 
that larger quantities of confining reinforcement were required at the base of the columns 
of the Buildings D. On the other hand, larger quantities were required at the other levels of 
the columns of the Buildings LD. 
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Table 5.10: Comparison of Dimensions and Required Longitudinal Tension Reinforcement 
Contents in the Beams of the Four Storey Buildings LD and D 
Longitudinal Tension Reinforcement Content p 
Floor Dimension At Face of Exterior Column At Face of Interior Column 
LD D M- M+ M M+ 
LD D LD D LD D LD D 
4 400 X 750 400 X 750 0.66% 0.49% 0.45% 0.33% 1.11% 1.02% 0.66% 0.61% 
3 400 X 750 400 X 750 1.28% 0.97% 0.78% 0.61% 1.28% 1.02% 0.78% 0.61% 
2 400 X 750 400 X 750 1.40% 1.02% 0.78% 0.61% 1.35% 1.19% 0.78% 0.66% 
1 400 X 750 400 X 750 1.40% 1.02% 0.78% 0.61% 1.57% 1.19% 0.90% 0.66% 
., LD=Limited ductility building 
CD D=Ductile building 
• f y=430 MPa, f~=30 MPa and f yh=300 MPa 
Table 5.11: Comparison of Dimensions and Required Total Longitudinal Reinforcement 
Contents in the Columns of the Four Storey Buildings LD and D 
Exterior Interior 
Level Dimension Pt Dimension Pt 
LD D LD D LD D LD D 
4 500 x 500 500 x 500 0.96% 0.96% 600 x 600 600 x 600 0.89% 0.89% 
0.96% 1.45% 0.89% 0.89% 
3 500 x 500 500 x 500 0.96% 1.45% 600 x 600 600 x 600 0.89% 0.89% 
0.96% 1.45% 0.89% 0.89% 
2 500 x 500 500 x 500 0.96% 1.45% 600 x 600 600 x 600 0.89% 0.89% 
0.96% 1.45% 0.89% 0.89% 
1 500 x 500 500 x 500 0.96% 1.45% 600 x 600 600 x 600 0.89% 0.89% 
0.96% 0.96% 0.89% 0.89% 
CD LD=Limited ductility building 
II D=Ductile building 
• fy=430 MPa, f~=30 MPa and f yh=300 MPa 
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Table 5.12: Comparison of Dimensions and Required Longitudinal Tension Reinforcement 
Contents in the Beams of the Six Storey Buildings LD and D 
Longitudinal Tension Reinforcement Content p 
Floor Dimension At Face of Exterior Column At Face of Interior Column 
LD D M M+ M- M+ 
LD D LD D LD D LD D 
6 400 x 750 400 x 750 0.70% 0.89% 0.57% 0.48% 1.40% 1.37% 0.84% 0.74% 
5 400 x 750 400 x 750 1.19% 0.89% 0.66% 0.48% 1.40% 1.37% 0.84% 0.74% 
4 400 x 750 400 x 750 1.40% 1.21% 0.79% 0.64% 1.40% 1.34% 0.84% 0.72% 
3 400 x 750 400 x 750 1.40% 1.21% 0.79% 0.64% 1.64% 1.34% 0.90% 0.72% 
2 400 x 750 400 x 750 1.64% 1.30% 0.79% 0.69% 1.64% 1.34% 0.90% 0.72% 
1 400 x 750 400 x 750 1.64% 1.30% 0.79% 0.69% 1.64% 1.34% 0.90% 0.72% 
• LD=Limited ductility building 
• D=Ductile building 
• jy=430 MPa, j~=30 MPa and jyh=300 MPa 
207 
Table 5.13: Comparison of Dimensions and Required Total Longitudinal Reinforcement 
Contents in the Columns of the Six Storey Buildings LD and D 
Exterior Interior 
Level Dimension Pt Dimension Pt 
LD D LD D LD D LD D 
6 500 X 500 500 X 500 0.96% 1.0% 550 X 550 600 X 600 0.8% 1.0% 
0.96% 1.3% 0.8% 1.0% 
5 500 X 500 500 X 500 0.96% 1.3% 550 X 550 600 X 600 0.8% 1.0% 
0.96% 1.8% 0.8% 1.9% 
4 500 X 550 500 X 575 0.88% 1.6% 600 X 600 650 X 650 0.89% 1.6% 
0.88% 1.0% 0.89% 1.3% 
3 500 X 550 500 X 575 0.88% 1.0% 600 X 600 650 X 650 0.89% 1.3% 
0.88% 1.0% 0.89% 1.0% 
2 500 X 550 500 X 575 0.88% 1.0% 600 X 600 650 X 650 0.89% 1.0% 
0.88% 1.0% 0.89% 1.0% 
1 500 X 550 500 X 575 0.88% 1.0% 600 X 600 650 X 650 0.89% 1.0% 
0.88% 1.0% 0.89% 1.0% 
• LD=Limited ductility building 
• D=Ductile building 
• f y =430 MPa, f~=30 MPa and f yh=300 MPa 
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Table 5.14: Comparison of Dimensions and Required Longitudinal Tension Reinforcement 
Contents in the Beams of the Twelve Storey Buildings LD and D 
Longitudinal Tension Reinforcement Content p 
Floor Dimension At Face of Exterior Column At Face of Interior Column 
LD D M- M-t- M M+ 
LD D LD D LD D LD D 
12 400 x 600 400 x 600 1.76% 0.62% 1.05% 0.66% 2.49% 0.86% 1.34% 0.66% 
11 400 x 600 400 x 600 2.42% 0.94% 1.44% 0.66% 2.12% 1.02% 1.15% 0.66% 
10 400 x 650 400 x 650 1.93% 1.04% 1.05% 0.61% 1.93% 1.04% 1.05% 0.61% 
9 400 x 650 400 x 650 2.21% 1.23% 1.05% 0.76% 2.21% 1.19% 1.05% 0.72% 
8 400 x 700 400 x 700 2.03% 1.32% 0.97% 1.0% 2.03% 1.29% 0.97% 0.88% 
7 400 x 700 400 x 700 2.03% 1.32% 0.97% 1.0% 2.03% 1.29% 0.97% 0.88% 
6 400 x 750 400 x 750 1.87% 1.36% 1.15% 0.9% 1.87% 1.46% 0.92% 0.9% 
5 400 x 750 400 x 750 1.87% 1.36% 1.15% 0.9% 1.87% 1.46% 0.92% 0.9% 
4 400 x 750 400 x 750 1.87% 1.55% 1.41% 0.9% 1.87% 1.68% 1.03% 0.9% 
3 400 x 750 400 x 750 2.11% 1.57% 1.41% 1.12% 1.87% 1.68% 1.03% 0.9% 
2 400 x 750 400 x 750 2.11% 1.57% 1.41% 1.12% 1.87% 1.68% 1.03% 0.9% 
1 400 x 750 400 x 750 1.87% 1.36% 1.15% 0.9% 1.87% 1.46% 0.92% 0.9% 
• LD=Limited ductility building 
• D=Ductile building 
.. f y =430 MPa, f~=30 MPa and f yh=300 MPa 
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Table 5.15: Comparison of Dimensions and Required Total Longitudinal Reinforcement 
Contents in the Columns of the Twelve Storey Buildings LD and D 
Exterior Interior 
Level Dimension Pt Dimension Pt 
LD D LD D LD D LD D 
12 500 X 500 500 X 500 0.96% 1.0% 550 X 550 550 X 550 0.8% 1.0% 
0.96% 1.0% 0.8% 1.0% 
11 500 X 500 500 X 500 0.96% 1.0% 550 X 550 550 X 550 0.8% 1.0% 
0.96% 1.5% 0.8% 1.9% 
10 500 X 525 500 X 525 0.92% 1.4% 575 X 575 575 X 575 0.73% 1.7% 
0.92% 1.4% 0.73% 1.7% 
9 500 X 525 500 X 525 0.92% 1.4% 575 X 575 575 X 575 0.73% 1.7% 
0.92% 1.5% 0.73% 2.0% 
8 500 X 575 500 X 575 0.84% 1.4% 625 X 625 625 x 625 0.87% 1.7% 
0.84% 1.4% 0.87% 1.7% 
7 500 X 575 500 X 575 0.84% 1.4% 625 X 625 625 X 625 0.87% 1.7% 
0.84% 1.1% 0.97% 1.6% 
6 500 X 625 500 X 625 0.77% 1.0% 675 X 675 675 X 675 0.83% 1.4% 
0.77% 1.0% 0.83% 1.4% 
5 500 X 625 500 X 625 0.77% 1.0% 675 X 675 675 X 675 0.83% 1.4% 
0.77% 1.4% 0.83% 1.6% 
4 500 X 625 500 X 625 0.77% 1.4% 675 X 675 675 X 675 0.83% 1.6% 
0.77% 1.1% 0.83% 1.1% 
3 500 X 725 500 X 725 0.89% 1.0% 725 X 725 725 X 725 0.96% 1.0% 
0.89% 1.0% 0.96% 1.0% 
2 500 X 725 500 X 725 0.89% 1.0% 725 X 725 725 X 725 0.96% 1.0% 
0.89% 1.0% 0.96% 1.0% 
1 500 X 725 500 X 725 0.89% 1.0% 725 X 725 725 X 725 0.96% 1.0% 
0.89% 1.0% 0.96% 1.0% 
o LD=Limited ductility building 
,. D=Ductile building 
• fy=430 MPa, f~=30 MPa and f yh=300 MPa 
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Table 5.16: Comparison of Required Transverse Reinforcement for Concrete Confinement 
ps in the Columns of the Four Storey Buildings LD and D 
Exterior Column Interior Column 
Level LD D LD D 
Ground 0.0014 0.0064 0.0023 0.0058 
2nd level, bot.end - 0.0013 - 0.0029 
3rd level, bot.end - - - -
Table 5.17: Comparison of Required Transverse Reinforcement for Concrete Confinement 
ps in the Columns of the Six Storey Buildings LD and D 
Exterior Column Interior Column 
Level LD D LD D 
Ground 0.0058 0.0110 0.0065 0.0111 
2nd level, bot.end 0.0038 0.0041 0.0044 0.0042 
3rd level, bot.end 0.0017 0.0027 0.0023 0.0028 
Table 5.18: Comparison of Required Transverse Reinforcement for Concrete Confinement 
ps in the Columns of the Twelve Storey Buildings LD and D 
Exterior Column Interior Column 
Level LD D LD D 
Ground 0.0162 0.0183 0.0122 0.0164 
2nd level, bot.end 0.0143 0.0082 0.0107 0.0073 
6th level, bot.end 0.0087 0.0050 0.0067 0.0040 
II!! LD=Limited ductility building 
II!! D=Ductile building 
II!! f y =430 MPa, f~=30 MPa and f yh=300 MPa 
II!! "-" indicates that transverse steel for confinement is not required 
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5.7.3 Comparison of Capacity Design and Non-Capacity Design 
Procedures 
The desirable features of the capacity design approach for ductile frames have been recog-
nized. This design procedure is capable of ensuring that a desired hierarchy of ductile failure 
mechanisms occurs during the inelastic response of a structure to seismic excitations. To 
achieve this satisfactory performance, the potential plastic hinge regions need to be deter-
mined and detailed for adequate strength and ductility, and the other regions need to be 
strong enough to remain in the elastic range. Therefore, the strengths of the elastic regions 
have to be derived from the overstrength of the regions which are expected to behave inelas-
tically, in order to ensure that the energy dissipation occurs in the expected regions. Shear 
failure can be prevented by designing the shear strength as that derived from the flexural 
overstrength in the beams. 
On the other hand, the strength design approach for frames of limited ductility is a simple 
design procedure. The design actions in the beams and columns can be obtained directly 
from an elastic analysis of two dimensional structures. It was shown in the dynamic analyses, 
that the observed bending moments and shear forces in the members were generally well 
within the suggested design values. It is considered that the conventional strength design 
method can be appropriately used for the design of frames of limited ductility, providing 
that sufficient concrete confinement and shear resistance is given to the columns. 
5.7.4 Suggested Design Steps for Non Capacity Designed Frames 
of Limited Ductility 
The suggested design steps for non-capacity designed frames of limited ductility are as 
follows: 
1. Use a two-dimensional structural elastic analysis to determine the design actions in 
beams and columns due to the various combinations ofloadings as given in Eq. 5.2. A 
displacement ductility factor of J-l=3 needs to be used in determining the earthquake 
load E. 
2. Determine the most critical combination of loadings in the beams and columns. Apply 
up to 30% and 20% moment redistribution to the beam and column bending moments, 
respectively, to determine the design actions. 
3. Determine the longitudinal reinforcement content required for those design actions in 
the beams using the code method [2]. 
4. Determine the longitudinal reinforcement required for those design actions in the 
columns using the code [2] approach. 
5. Determine the beam design shear forces by assuming that the flexural overstrengths are 
reached at each end of the beams simultaneously. Calculate the quantity of transverse 
reinforcement required for shear in the beams. 
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6. Determine the quantities of transverse reinforcement required in the columns for con-
crete confinement using the refined design equation given in Chapter 4 for a curvature 
ductility factor of 'Pmax/'Py=10. 
7. Determine the design shear forces of the columns, by assuming that both ends of the 
columns reached the code flexural strengths MAGI. 
8. Check the quantities of transverse reinforcement in the beams and columns to ensure 
that it is adequate to provide lateral restraint to the compressed longitudinal bars in 
potential plastic hinge regions. 
5.8 Concluding Remarks 
From the dynamic analysis carried out to investigate the seismic response of frames designed 
for ductility and limited ductility, the significant conclusions can be summarized as follows: 
1. The seismic response of typical non-capacity designed frames of limited ductility, and 
capacity designed ductile frames, was examined under the EI Centro, Parkfield, Pa-
coima Dam and Artificial generated earthquakes. Three frames were thoroughly inves-
tigated, namely a 3-bay 4-storey frame, a 2-bay 6-storey frame, and a 2-bay 12-storey 
frame. For the six and twelve storey ductile frames, the results obtained from the 
analysis carried out by Tompkins et al. [54] were used and were compared to those 
obtained from the current analysis. From a preliminary study of a 6-bay 6-storey 
frame, it was shown that the number of bays does not have significant influence on 
the results of the investigation. It should also be noted, that only regular frames were 
investigated in this study. 
2. The results obtained from the dynamic analyses indicated that the response of the 
buildings under the EI Centro excitation was the least severe, followed by that observed 
during the Parkfield, Artificially generated, and the Pacoima Dam excitations. 
3. From the comparison of the seismic response of the frames designed for ductility and 
limited ductility, it was found that the ductile frames performed very well. The plastic 
hinges generally formed at the beams, and at the base and roof levels of the columns, 
while the other regions remained in the elastic range. On the other hand, some plastic 
hinges did develop up the height of the columns of non-capacity designed frames of 
limited ductility. However, the curvature ductility demand was small, and no column 
sidesway mechanisms were detected even under the strongest seismic event, such as 
the Pacoima Dam. By designing the frames for higher seismic forces, larger strengths 
are available in the beams and columns, which are likely to prevent the formation of 
the column sidesway mechanisms. 
4. In general, the non-capacity designed frames of limited ductility exhibited reasonably 
good performance under the simulated seismic attack. Moreover, they were capable of 
surviving the greatest earthquake likely in New Zealand although they were designed 
for less severe seismic zones. 
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5. The conventional strength design, which is a relatively simple design procedure, can 
be used for the design of frames of limited ductility, providing that the columns are 
adequately confined and that sufficient shear resistance is available to ensure that shear 
failure will not occur. It is suggested that the transverse reinforcement for concrete 
confinement in columns be based on a curvature ductility factor demand of 10 and that 
the design shear forces in columns be based on shear forces calculated for the stage 
where the code [2] flexural strengths MAGI are attained at both ends of the columns. 
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Chapter 6 
PROPOSED SEISMIC DESIGN 
PROVISIO S FOR F AMES OF 
LIMITED DUCTILITY 
6.1 Introduction 
As mentioned in Chapter 5, the capacity design of ductile structures can be a relatively 
complex procedure. The detailing of potential plastic hinge regions results in the presence 
of large quantities of transverse reinforcement, which often results in construction difficulties 
due to congestion of reinforcement. In some structures, where a higher seismic design load 
is economical, the ductility demand can be reduced, and non-capacity design of structures 
of limited ductility can be applied. 
In this Chapter, the existing New Zealand code requirements for frames of limited ductility 
are given, and are compared with the requirements for ductile frames. Based on the results 
obtained from this study, some seismic design requirements for frames of limited ductility 
are proposed. 
6.2 The Existing New Zealand Codes For Moment-
Resisting Frames of Limited Ductility 
The NZS 4203:1984 [30] states that: "Structures oflimited ductility, not specifically designed 
to ensure ductile flexural yielding through the application of the principles of ca.pacity design, 
shall be suitably designed and detailed in accordance with the appropriate materials code". 
Moment resisting frames of limited ductility are assigned a structural type factor of S=2.0. 
This structural type factor may be compared with the value of S=0.8 assigned to ductile 
frames. That is, moment resisting frames of limited ductility are designed for seismic forces 
which are 2.0/0.8=2.5 times the seismic force used for the design of ductile moment resisting 
frames. 
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This comparison of design seismic forces is only pertinent to flexural actions in beams. The 
required flexural strengths of columns and shear strengths of beams and columns of ductile 
moment resisting frames are determined by capacity design, while for frames of limited 
ductility, the required flexural and shear strengths of all members are specified directly. 
The commentary of the NZS 3101:1982 [2] states that for structures which are designed 
for only limited ductility, the complexity in the design as a result of the additional seismic 
requirements of the code for ductile structures may not be warranted. Therefore, the code 
has established simple yet not unduly conservative rules for structures of limited ductility 
as stated in Section 14, which is intended to be used with the "General Principles and 
Requirements" specified in the other sections of the code. The main features of Section 14 
for moment resisting frames of limited ductility are: 
1. Capacity design is not required 
2. Design for concurrent earthquake effects from loadings in two principal directions is 
not required 
3. Shear strengths provided are to have a suitable margin over the required flexural 
strengths (as determined by the structural type factor) 
4. Flexural strengths outside the designated end regions are to have a suitable margin 
over the design moments (as determined by the structural type factor) 
5. Lengths of designated end regions of beams and columns are equal to member depth. 
However, if flexural strengths outside of the region so defined do not meet the require-
ments of (4) above, then the end region is designated as the whole length of the beam 
or column 
6. Transverse reinforcement in the designated end regions should have spacing not exceed-
ing 10 longitudinal bar diameters. An equation is given for transverse reinforcement 
for confinement, if required. 
7. In the designated end regions the contribution to shear strength provided by the con-
crete may be assumed to be not greater than one-half of that for gravity load design. 
The spacing of shear reinforcement may not exceed one-quarter of the effective depth 
of the members. 
The design provisions for limited ductility are expected to be used as a matter of conve-
nience for structures which are inherently strong due to structural form or material content 
and hence which can be economically designed for high seismic forces, and also for those 
structures where the designer recognizes a limitation to the ductility capacity as a result of 
structural complexity or irregular form. 
Appropriate detailing of the designated end regions, in accordance with Section 14 [2] how-
ever, shall ensure that the reduced ductility demands can be met. This indicates that the 
regions must still be ductile and therefore the requirements for detailing to achieve ductility 
must be complied with, although they are somewhat relaxed in recognition of the lower 
ductility demand. 
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Because ductility and consequent detailing is provided, capacity design procedures can be 
used. Nevertheless, to simplify design procedures, the code also allows the strength design 
method, together with the appropriate strength reduction factors, to be used. To ensure that 
no premature brittle failures can occur, certain restrictions, particularly relevant to shear 
strength are specified. This simplified design procedure is necessarily more conservative than 
that of capacity design. 
6.3 Comparison of New Zealand Codes for Ductile Frame 
and Frames of Limited Ductility 
A comparison between the main design provisions of New Zealand codes for reinforced 
concrete ductile moment resisting frames and moment resisting frames of limited ductility, 
as summarized in Ref. [1] is given in Table 6.1. 
6.4 Experimental Investigation of Columns and Beam-
Column Joints of Limited Ductility 
6.4.1 General 
The need to evaluate the existing code requirements for limited ductility structures, have 
been recognized. Some tests of columns, and beam-column joints of limited ductility have 
been carried out at the University of Canterbury. The results from the column tests were 
given in Chapter 3, and the results of beam-column joints conducted by Dai et al [68] are 
reviewed in this section. 
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Table 6.1: New Zealand Seismic Design Provisions for Reinforced Concrete Moment Resisting 
Frames [1] 
Ductile Frames Frames of Limited Ductility 
Clause Clause 
NZS 1. Definition NZS l. Definition 
4203 4203 
3.3.3.1 Ductile frames sh~ll be capable 3.4.2 Frames of limited ductility 
of dissipating se1smic energy Table 5 have a maximum height of four 
in a flexural mode at a signifi- storeys or 18 m, or if roof 
cant number of plastic hinges in and wall mass are less than 
beams except that dissipation of 150 kg/m2 of floor area a 
seismic energy at plastic hinges maximum height of five storeys 
in columns is permitted for or 22.5 m 
buildings which comply with 
Clause 3.3.3.5 
NZS 2. Desi9:n Actions NZS 2. Design Actions 
4203 4203 
3.4.2 The structural type factor used 3.4.2 The structural type factor used 
Table 5 for determining seismic design Table 5 for determining seismic design 
forces is S = 0.8 forces is S = 2.0 
NZS Capacity design is used and the NZS Capacity design and design for 
3101 effects of concurrent seismic 3101 concurrent seismic forces are 
3.5.1.1 forces are included 14.4.3 not required 
and 
6.5.1.4 
NZS 3. Reg;uired Flexural Strengths NZS 3. Re9uired Flexural Strengths 
3101 3101 
Flexural strengths: In end regions: 
4.3.1 Beams <PMi ,;; M + M Beams <Pl<1'i > M + M g eq g eq 
C3.A Columns M. ,;; M Columns <PMi > M + M 1 U = g eq 
14.4.2.2 Outside end regions: 
Beams <PMi > M + 1. 5M g eq 
Columns <PMi ,;; Mq + 1.5Meq 
NZS 4. Re5luired Shear Strengths NZS ~. Required Shear Strengths 
3101 3101 
7.5.1.1 Beams V. > Vo 14.4.2.1 Beams <pV'. > V + 2V 1 U 1 g eq 
7.5.1.2 Columns V. > VO Columns <P Vi > v· + 2V 1 8 g eq 9.5.2 Joints V. > V Joints <pVi > Vg + 2Veq 1 u 
NZS 5. Length of Potential Plastic NZS 5. Length of End Regions 
3101 Hin2e Re2ions 3101 
6.5.2.1 Beams: Over lengths equal to 14.5.2 Beams and columns: Over lengths 
twice the beam depth at the ends equal to the depth of the member at the ends of the 
of the beam and within the span member, except that if Clause where plastic hinges can form. 14.4.2.2 is not complied with 
6.5.4.1 Columns: Over end regions it is considered to be the 
equal to the larger of the whole length of the member. 
largest cross section dimension 
or where the moment exceeds 0.8 
of the moment at that end of 
the member. This length is 
increase by 50% ifp e';; 0.3f~Ag<P. 
NZS 6. Transverse Reinforcement Within NZS 6. Transverse Reinforcement 
3101 the potent1al Plastic H1nge 3101 wiffiin the End Regions 
Regions 
6.5.3.3 Beams: If yielding of flexural 14.6.2 Beams and Columns: The centre 
steel can occur on both faces of to centre spacing of stirrup-
member, the centre to centre ties, or rectangular hoops or 
spacing of stirrup-ties s is cross ties, is not to exceed 
not to exceed the smaller of d/4 ten longitudinal bar diameters. 
or six longitudinal bar The area of transverse rein-
diameters, or 150 mrn. forcement for confinement is 
given by 
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Continuation of Table 6.1 
Clause 
6.5.3.3 
7.5.2.2 
6.5.4.3 
6.5.4.3 
NZS 
3101 
9.3 and 
9.5 
5.5.2.1 
-5.5.2.2 
Ductile Frames 
The yield force of the stirrup-
tie must at least equal one-
sixteenth of the yield force 
of the longitudinal bar or bars 
it is to restrain multiplied 
by s/IOO. 
The stirrups must also satisfy 
shear strength requirements 
computed assuming Vc = 0 
Columns: The centre to centre 
spacing of transverse confining 
steel is not to exceed the 
smaller of one-fifth of the least 
lateral dimension of the cross 
section or six longitudinal bar 
diameters or 200 mm. The yield 
force of the transverse bar in 
rectangular arrangements of 
hoop steel must at least equal 
one-sixteenth of the yield force 
of the longitudinal bar or bars 
it is to restrain. The trans-
verse reinforcement must satisfy 
the cod~ equations 6-22 and 6-23 
for spirals or circular hoops or 
equations 6-24 and 6-25 for 
rectangular hoops. 
The transverse reinforcement 
must also satisfy shear strength 
requirements computed assuming 
v = 0 if P /f' A < 0.1 or v 
c e c g = c 
as given by equation 7-41 if 
P /f'A > 0.1 
e c g 
7. Beam-Column Joints 
Shear: Transverse and vertical 
reinforcement must satisfy the 
shear strength requirements for 
horizontal and vertical shear 
using equations 9-1 to 9-15. 
Anchorage: Longitudinal 
reinforcement passing through 
interior joint cores should 
have diameters not exceeding 
that permitted by the code. 
Longitudinal beam reinforcement 
anchored in column cores or beam 
strips shall have anchorage 
commencing either at mid-depth 
of the column or at 10db from the column face, unless plastic 
hinging is located away from 
the column face in which case 
anchorage can be considered to 
commence at the column face. 
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Clause 
14.7.2 
14.7.5 
NZS 
3101 
Frames of Limited Ductility 
f' 
ASh = RC<0.02shh f:h ) 
if y > 1.0 
M* + 0.3P h 
h - e e 3 0 were y - O.6~f'A*h <. 
c g 
and 0 ~ RC = [1 / p*m -lJ ~ 1. 0 
The transverse reinforcement 
provided must also satisfy the 
shear strength requirements 
computed assuming v is one-
half of that for gra~ity load 
design. 
Maximum spacing of shear rein-
forcement is not to exceed d/4. 
7. Beam-Column Joints 
No specific design rules stated. 
Use design rules for non-seismic 
joints with the full value of 
v • 
c 
6.4.2 Results from Beam-Column Joint Tests 
In 1987, four beam-column joints were tested subjected to simulated earthquake loading 
[68]. A brief description of the units tested is summarized as follows: 
• Unit 1: The NZS 3101:1982 [2] requirements for ductile detailing were followed entirely. 
• Unit 2: The code [2] requirements for ductile detailing were followed, except that the 
diameter of the beam longitudinal bars db was 72% greater than that specified by 
the code. The ratio of db/he = 1/14.5 was used (he=column depth), whereas the code 
permitted value of this ratio is 1/25 for Grade 275 deformed longitudinal reinforcement. 
• Unit 3: The code [2] requirements for ductile detailing were followed, except that in 
the joint core, the horizontal and vertical shear reinforcement provided, was only 56% 
and 65% of that required by the code. 
• Unit 4: The code [2] requirements for ductile detailing were followed. However, as for 
Unit 2, the diameter of the beam longitudinal bars db was 72% greater than required 
by the code, and the horizontal and vertical shear reinforcement provided in the joint 
core, was 56% and 78% of the code quantities. 
From the above description, it is obvious that according to the code [2] only Unit 1 was 
expected to have adequate ductility, while the other units were expected to have limited 
ductility behaviour. 
During the tests, the units were capable of completing two cycles to displacement ductility 
factors of at least 5, without significant strength degradation. This indicated that the 
units had more than limited ductility, and therefore that the existing code requirements 
for the quantity of shear reinforcement in beam-column joint cores of ductile structures 
could be made less stringent. Also, that larger diameter beam longitudinal bars passing 
through the joint core of ductile structures could be permitted when the concrete strength 
was substantially greater than 20 MPa. It is to be noted that for the four units, f~ was 
approximately 40 MPa and that this high concrete strength undoubtedly enhanced the 
bond behaviour. Further tests on beam- column joints of limited ductility are required. 
6.5 Proposed Seismic Design Requirements for Frames 
of Limited Ductility 
6.5.1 General 
As mentioned previously, the seismic design requirements for frames of limited ductility 
as stated in Section 14 of the existing New Zealand concrete design code [2] are aimed to 
provide a simple and yet conservative design procedure. In practice, it is found however, 
that the existing provisions are not simple to use. Also, Section 14 treats the design of 
all structural members in a uniform manner. The required shear and flexural strengths 
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specified can be overly conservative. Moreover, the equation for confinement within the end 
regions is a rather crude approach. By restricting the neutral axis depth, it is expected that 
lateral instability will not be a critical design criterion. Therefore, the existing provisions 
need be stated simply but with more general formulations introduced. Based on the results 
of column units tested (refer to Chapter 3), and the inelastic dynamic analyses carried out 
(refer to Chapter 5), some modifications to those existing code requirements for limited 
ductility structures are proposed. In the following sections, the provisions which need to be 
modified are discussed. 
6.5.2 Design of Frames of Limited Ductility Subjected to Seismic 
Loadings 
In determining the earthquake load E, moment resisting frames of limited ductility can be 
designed using a displacement ductility /1=3, as specified in the DZ4203:1986 [39]. The 
conventional strength design method can be used to determine the design actions in the 
beams and columns. The member forces are obtained from the two dimensional elastic 
structural analysis. Moment redistribution of up to 30% and 20% for the beam and column 
bending moments may be applied. 
The dependable strengths in the members, that is <p times the ideal strengths, should exceed 
the design forces. The strength reduction factor <p is taken as: 
<p 0.9 for flexure 
<p 0.9 for flexure and axial load 
<p 0.85 for shear 
The longitudinal reinforcement content required in the beams and columns is determined 
using the code [2] approach. 
The design shear forces of the beams are calculated by assuming that the flexural over-
strengths are developed at both ends of the beams simultaneously. The design shear forces 
of the columns are calculated by assuming that both ends of the columns reached the code 
flexural strengths MAGI. 
Design Forces for Beam-Column Joints of Limited Ductility 
Based on the very few available test results [68], the following recommendations could be 
suggested for the design of beam-column joints of limited ductility: 
(1) Shear carried by concrete diagonal compression strut mechanism and shear carried by 
shear reinforcement: For beam-interior column joints of frames of limited ductility, Vch = 
0.6Vjh and Yah = O.4Vjh may be assumed. At least one column intermediate bar should exist 
at each side of the column passing through the joint core. 
(2) Diameter of beam longitudinal bars: For beam-interior column joints of frames of limited 
ductility, no restriction of db/he ratio may be necessary. 
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6.5.3 Transverse Reinforcement in Beams and Columns 
For beams, the current code requirements for transverse reinforcement could be maintained 
(see Section 14.6.2.3). 
For columns, the current code requirements of the quantities of transverse reinforcement 
for concrete confinement and for preventing premature buckling of longitudinal bars are 
updated as a result of the columns tested. 
(1) Transverse Reinforcement for Con~rete Confinement in Columns 
Using the design charts for ductility [4], which were derived from the cyclic moment-
curvature theory [3], and confirmed by the experiment investigation (see Ref. [5] and Chapter 
3), a proposed refined design equation to replace the existing code equations for concrete 
confinement was derived. The equation can be used for designing transverse confining re-
inforcement in column sections of ductility and limited ductility depending on the specified 
curvature ductility factor. For a column of limited ductility, a i.puli.py=10 can be specified. 
The required quantities for concrete confinement are then: 
For square and rectangular hoops arrangement: 
p" (6.1) 
For spirals and circular hoops arrangement: 
ps (6.2) 
These quantities of confining reinforcement need to be provided over the potential plastic 
hinge regions of columns, which are defined as the end regions of the column with a length 
of Ie as follows: 
Pe 
1.0 + 2.8 ¢> f~Ag (6.3) 
The equation gives values of Ie = h, and 3h for Pel (¢> f~Ag )=0 and 0.7, respectively, where 
h=the largest lateral dimension or diameter of column. 
(2) Transverse Reinforcement for Preventing Premature Buckling of Longitudinal Compres-
sion Bars 
To ensure that the compression bars do not buckle when subjected to simulated cyclic 
loading such as earthquake excitations, the spacings of transverse reinforcement should not 
exceed six longitudinal bar diameters. This limit was found to give satisfactory restraint 
against bar buckling [5] (See also Chapter 3). Outside the potential plastic hinge regions, 
the spacings can be increased to twice of that in the potential plastic hinge regions. 
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(3) Transverse Reinforcement for Shear Resistance 
The current code requirements for transverse reinforcement in column sections with limited 
ductility to provide adequate shear resistance are maintained. 
6.5.4 Limit for Number of Storeys 
It was shown in Chapter 5, even for six and twelve storey frames, the proposed design 
procedures for frames of limited ductility giave satisfactory results. Therefore the limitation 
of the number of storeys specified by the existing code of four to five storeys could be 
increased to at least 12 storeys. 
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Chapter 7 
MAJOR CONCLUSIONS AND 
RECOMMENDATIONS FOR 
FUTU E RESEARCH 
7.1 Conclusions 
Concluding remarks regarding the results from the study undertaken have generally been 
given at the end of each chapter. A summary of those findings are as follows: 
1. An experimental study was carried out to investigate the behaviour of columns with 
square and octagonal cross sections under simulated earthquake loading. The columns 
tested had axial compression loads of 0.5f~Ag or 0.7f~Ag, and contained various quan-
tities of transverse confining reinforcement. The tests were a continuation of the 
previous tests [28] where four column units (Units 1 to 4) of square cross section were 
subjected to axial compression loads of O.lf~Ag or 0.3f~Ag. The main conclusions from 
the current tests are: 
Column Units 5 and 6 with square cross section, and contained 38% and 19% of the 
NZS 3101 specified quantity of confining reinforcement, and column Unit 10 with 
octagonal cross section, and contained 44% of the NZS 3101 specified quantity of 
confining reinforcement were subjected to a constant axial compression load ratio of 
Pe/(f~Ag)=0.5 and cyclic flexure. It was found that Units 5 and 10 achieved real 
displacement ductility factors J-tr of at least 6. Unit 6 was only capable of reaching 
J-tr of approximately 5. Buckling of the longitudinal bars was observed at the end of 
testing of Units 5 and 6, while fracture of spirals terminated the test of Unit 10. 
Column Units 7, 8 and 9 with square cross section, and contained 48%, 34% and 
93% of the NZS 3101 specified quantity of confining reinforcement, and column Unit 
11 with octagonal cross section, and contained 77% of the NZS 3101 specified quan-
tity of confining reinforcement were subjected to an axial compression load ratio of 
Pe/(f~Ag)=O. 7 and cyclic flexure. The test results indicated that all units, except Unit 
8 achieved real displacement ductility factors J-tr of at least 6. At the end of testing 
of Unit 7, it was observed that the buckling of the longitudinal bars occurred at the 
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region with nominal confining reinforcement. Unit 9 which was expected to behave 
in ductile manner, did not show any degradation in strength when the test was ter-
minated after completing two cycles to a nominal displacement ductility factor of 10. 
Units 8 and 11 exhibited buckling of the longitudinal bars at the end of the tests. 
2. An evaluation of the existing code [2] requirement for the length of confined region 
Ie was undertaken. The predicted le for a number of columns and piles tested at the 
University of Canterbury, which had different levels of axial compression load ratios, 
aspect ratios and section type were calculated. It was observed that the required Ie 
was strongly dependent on the level of the axial compression load. The aspect ratio 
and section type of the columns were found to have insignificant effects by comparison. 
The current code requirements of Ie = 1.0h for columns with axial compression load 
ratio of ~ 0.3, and of Ie = 1.5h for columns with axial compression load ratio of > 0.3, 
providing the moment gradient did not govern, were inadequate for many columns. 
As a result, a greater length of confined region was suggested as follows: 
where h=column section dimension. The above equation gives values of Ie = h, and 
3h for Pe/(¢>f~Ag)=O and 0.7, respectively. 
3. A comparison between the experimental results of the column units and the theoretical 
predictions using a theory for cyclic moment-curvature analysis [3,4] was carried out. 
This included determination of the yield curvatures and yield displacements, the lat-
eralload-displacement hysteresis loops, the flexural strength enhancement factors, the 
maximum plastic rotations and curvatures, the available curvature ductility factors, 
and the monotonic moment-curvature relations. The comparisons indicated that the 
cyclic moment-curvature theory was generally conservative. 
4. An analytical investigation to determine a more appropriate design equation for the 
quantities of confining reinforcement in the potential plastic hinge regions of columns 
was conducted. The following parameters were found to have significant effects: The 
level of axial compression load, the mechanical reinforcing ratio, the concrete compres-
sive strength, the cover ratio, and the curvature ductility demand. The investigation 
revealed that the current code [2] equations for confining reinforcement are conserva-
tive when the axial compression load ratio of columns is relatively low, and may be 
unconservative when the axial load ratio is large, particularly for columns with large 
cover thickness. 
From the design charts for ductility [4], the data points in terms of the values of 
Pafyh/ f~, were obtained. Using these values, a refined design equation to determine 
the quantities of confining reinforcement was derived. It was found that the required 
quantities of confining reinforcement for circular columns were significantly different 
from those for square and rectangular columns for the same parameters. The equation 
for square and rectangular columns was modified by a section type factor of f for use 
for circular columns. 
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Using a regression analysis, the best-fit curve for a refined design equation for square 
and rectangular hoops arrangement based on the 95% upper-tail values of Psiyh/ i~, 
was found as follows: 
where ps = ASh/(Shhc) ;::: o. 
This equation, is applicable to curvature ductility factors between 10 and 20. For 
spirals and circular hoops arrangement, the right hand side of the above equation 
should be multiplied by a factor of i = 1.4. 
A refined design equation was also derived using the gradient optimization methods 
for 'Pu/'Py=10 and 20, respectively. These equations were found to be: 
For 'Pu/ 'Py = 10: 
For 'Pu/ 'Py = 20: 
ps 
where ps = ASh/(Shhc) ;::: o. 
The equation based on the 95% upper-tail values of Psiyh/ i~ was more conservative in 
most of the cases than the equations obtained from the optimization methods. The 
quantities of confining reinforcement provided in the columns tested previously at the 
University of Canterbury [7,8,9,4], were also checked against the theoretical quantities 
suggested. It was found that the equation based on the 95% upper-tail values of 
Psiyh/ i~ ensured that columns are capable of achieving the specified curvature ductility 
factor, even for columns with large axial compression. It is suggested that this equation 
is suitable as a replacement for the current code [2] recommended equations for the 
quantities of confining reinforcement. 
Note that in design the quantities of transverse reinforcement in columns have to be 
checked to ensure that the other requirements for transverse reinforcement, namely 
prevention of premature buckling of longitudinal compression bars and shear require-
ments, are also satisfied. 
5. Inelastic dynamic analyses were carried out to examine the behaviour of frames de-
signed for code seismic loading associated with limited ductility and ductility under 
seismic excitations. Four earthquake records were chosen for the dynamic analysis, 
namely the EI Centro 1940, the Parkfield 1966, the Pacoima Dam 1971 and the Gen-
erated Artificial Earthquake. The frames of limited ductility were designed using the 
conventional strength design method, and the ductile frames were designed using the 
capacity design procedure [6]. 
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To study the behaviour of non-capacity designed frames of limited ductility, the worst 
situations for the possible development of column sidesway mechanisms, and the oc-
curence of shear failure, were examined. Two sets of dynamic analyses were conducted 
to investigate both the flexural and shear behaviour of columns under seismic attack. 
It was found that frames of limited ductility performed reasonably well. Although 
plastic hinges occurred in some columns, column sidesway mechanisms did not occur. 
Moreover, the curvature ductility demand was found to be less than 10. This order 
of ductility can be achieved by providing sufficient confining reinforcement in the po-
tential plastic hinge regions of the columns. Quantities of confining reinforcement for 
CPu/ cPy = 10 were suggested. To have adequate shear resistance, the shear forces in 
the columns should be designed assuming that moments at each end of the columns 
reached the code [2] flexural strength. The shear forces in the beams should be de-
signed assuming that the flexural overstrengths develop at both ends of the beams 
simultaneously. 
The ductile frames so designed exhibited very good performance. Plastic hinges de-
veloped at the expected regions, and no column sidesway mechanisms were detected. 
The investigation showed that the strength design method, which is a relatively simple 
design procedure, can be used for the design of frames of limited ductility, providing 
that adequate confinement in the columns is provided, and that adequate shear resis-
tance in the columns and beams is available. 
As a result of this study, a step~by-step design procedure for frames of limited ductility 
is suggested (see Section 5.6.4). 
6. Based on the experimental results of the column units tested, followed by the analytical 
investigation of the required quantities of confining reinforcement in the potential 
plastic hinge regions of columns, and the results of the inelastic dynamic analyses of 
the frames of limited ductility, some seismic design provisions to clarify the existing 
code [2] provisions for frames oflimited ductility are also proposed (see Section 6.5). 
7.2 Recommendations for Future Research 
1. As mentioned in Chapter 5, only regular frames of limited ductility were investigated 
in this study. The behaviour of non-capacity designed irregular frames of limited 
ductility under seismic excitations needs to be examined. 
2. In the existing code provisions, the shear carried by concrete mechanisms in members 
of limited ductility is simply taken as one-half of that specified for gravity loading. 
An experimental study is required to obtain more information on the concrete shear 
mechanisms in beams, columns and beam-column joints of limited ductility, in order 
to enable more precise design equations for the shear reinforcement in the members of 
limited ductility to be derived. 
3. More tests are needed to investigate the behaviour of beam-column joints of limited 
ductility to supplement existing test results [68]. 
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